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 Parking structures are essential to any growing commercial district, yet little 
thought is given to their longevity and appearance. This is particularly the case with 
precast parking structures. Typical issues include poor joint performance and the impact 
of stemmed members on interior building aesthetics. Research provided in this report 
proposes an alternate design that improves long term joint performance and optimizes the 
perspective spacing between deck members. These benefits (along with the others) are 
incorporated to reflect the benefits of parking structures designed using cast-in-place 
concrete and structural steel with concrete decking. Other benefits include: flexible 
column spacing, reduced / no shear walls, monolithic behavior of joints, lower 
maintenance costs, imperceptible floor vibration, the perception of higher ceilings, 
improved light distribution, and fewer ledges to collect dirt and debris. The system being 
proposed is based on the use of pre-topped box beams for the main deck members. 
Research focuses on the optimization of the main deck member's cross-sectional 
properties, prestress, shear, and transverse reinforcement. Investigation of a post-
tensioned transverse connection between members is also presented and considered 
essential to improving the long term performance of joints. The joist support system is 
based on interior columns and exterior wall panels with 40 percent openings. 
Longitudinal and transverse testing was conducted as a part of this research in order to 
verify design assumptions and determine behavior of the deck system. Results for 
longitudinal testing indicate a highly ductile section in which strand bond controls over 
vertical or horizontal interface shear. Analysis of the transverse post-tensioned connection 
confirms that compression forces are distributed evenly along the joint and that transverse 
behavior is continuous. Both factors contribute to providing the system with a higher 
resistance to salt and chemical infiltration - the main source of joint deterioration.  
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1.0 INTRODUCTION 
Parking structures are typically designed using cast-in-place concrete, structural steel 
with concrete decking, or precast concrete.  Examples of each system are provided in 
Figure 1.1 thru Figure 1.6. Design considerations for parking structures must take into 
account cost-effectiveness, speed of construction, structural capacity, aesthetic 
appearance, drainage, security, lighting, and structural integrity during construction and 
after completion. Current practice tends to favor cast-in-place concrete over precast 
concrete in situations where it is desired to have a continuous system with greater 
resistance against leakage and member separation, clean transition between members, 
shallow floor to floor height, and a well-lighted interior. Precast members are perceived 
to have lower connection capacities and joints susceptible to hazardous environmental 
salts and chemicals. The Precast/Prestressed Concrete Institute (PCI) has attempted to 
increase the number of precast parking structures by providing guidelines on 
recommended design and construction practices; however, the advantages of cast-in-
place concrete continue to elude precast parking structures.  
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Figure 1.1 Exterior of cast-in-place parking structure 
 
 
Figure 1.2 Interior of cast-in-place parking structure 
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Figure 1.3 Exterior of structural steel with concrete deck parking structure 
 
 
Figure 1.4 Interior of structural steel with concrete deck parking structure 
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Figure 1.5 Exterior of precast parking structure 
 
 
Figure 1.6 Interior of precast parking structure 
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1.1 PROBLEM STATEMENT 
Multi-stemmed tees, solid/hollow core slabs, and composite beam/slab members are all 
recommended deck joists for precast parking structures. Double tees are the dominant 
product, however, and can be either pre-topped or made with a thin flange to be topped 
with a concrete overlay. Pre-topped sections are susceptible to joint leaking, while double 
tees with a cast-in-place topping are susceptible to reflective cracking of the concrete 
overlay. Reflective cracking allows chemicals beneath the deck surface, resulting in 
corrosion of the transverse connection and delamination between the precast and cast-in-
place concrete. Criticism has also been expressed toward the use of stemmed members 
with heights greater than 2 ft, repeating every 6 ft to 8 ft throughout the structure. This is 
aesthetically displeasing and causes non-uniform light distribution. Additional criticism 
against precast parking structures include bearing double tees on spandrel beams 
susceptible to torsional cracking and the general necessity of closely spaced supports that 
enclose the structure and hinder occupant safety. Modifying current recommendations for 
precast parking structures is recommended to improve their overall performance and 
appeal. 
 
1.2 LITERATURE REVIEW 
Engineering today incorporates every aspect of a structure's design, construction, and 
maintenance. A growing emphasis is also being placed on visual aesthetics, occupant 
safety, and sustainability. Constant innovations are necessary; otherwise age old practice 
becomes standardized procedure. Such is the case with precast parking structures. Instead 
of developing new methods of improving joint performance, a series of recommendations 
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are now provided for what is deemed "acceptable behavior". For example, the PCI 
Parking Structure Committee has specifically gone on record to state that "the typical life 
expectancy of joint sealants in a parking structure is 7 to 10 years" and "in no case should 
it be expected that any parking structure with joint sealants will not have isolated leaks or 
failures".1 How can precast continue to compete with cast-in-place and structural steel 
designs when neither material results in such extensive long term maintenance? While 
difficult to admit, it is true that parking structures with structural steel frames and 
concrete decking do have lower long term maintenance costs than precast parking 
structures.2 The good news is that precast parking structures are still recognized as the 
best solution for today's needs when compared to cast-in-place and structural steel 
designs.3 The reason for this is easily understood based on a comparison of the three 
available systems. 
 
Advantages of cast-in-place parking structures:4 
• Monolithic construction so fewer sealant joints 
• Positive drainage is easier to achieve 
• Floor vibration imperceptible 
• Flexible column spacing (20 ft to 27 ft) 
• Generally no shear walls 
• Lower maintenance cost 
• Wide beam spacing creates more open feeling with perception of higher ceiling 
• Accommodates parking structures on irregular sites, beneath buildings, and 
underground 
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Disadvantages of cast-in-place parking structures:4 
• Potentially higher construction cost 
• Quality control is more difficult to attain due to exposed weather conditions 
• May require architectural cladding to improve exterior aesthetics 
• Less adaptable to winter construction in cold climates 
• Longer on-site construction schedule 
• Closer expansion joint spacing 
• Congestion of tendons and rebar at beam column joints 
• Larger on-site staging requirements 
 
Advantages of structural steel with concrete deck parking structures:4 
• Flexible column spacing of 18 ft to 22 ft 
• Generally no shear walls 
• Can be performed by local subcontractors 
• Shorter on-site construction schedule 
• Potentially lower construction cost 
• Easily accommodates vertical expansion 
 
Disadvantages of structural steel with concrete deck parking structures:4 
• Erection concerns due to mixing foundation, steel, and precast subcontractors 
• Not recommended where the steel is required to be fire rated by the building code 
• Depending upon code requirements, steel structure may need to be fireproofed 
• Steel painting for corrosion protection 
8 
• Maintenance of steel paint system 
• Steel delivery times can fluctuate 
• Extensive bird roosting ledges on the beam flanges 
 
Advantages of precast parking structures:4 
• Quality control because members are fabricated at a plant 
• Potentially lower construction cost in some regions 
• Shorter on-site construction schedule 
• Greater expansion joint spacing (up to 300 ft) 
• More adaptable to winter construction 
• Architectural facade spandrels also serve as structural load bearing elements 
 
Disadvantages of precast parking structures:4 
• More propensity for leaking at the joints 
• Higher maintenance cost for sealants 
• The close spacing of the tee stems creates perception of lower ceiling height 
• Tee stems can block signage and interfere with lighting distribution 
• Shear walls affect architecture at the exterior and reduce visibility at the interior  
• Reduced drainage slopes 
• More bird roosting ledges 
• Might not be performed by local subcontractors 
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Listing the advantages and disadvantages of each system is not enough to clearly show 
the superiority of precast parking structures over cast-in-place and structural steel 
designs. Further discussion is essential to explaining how the advantages of each system 
can be incorporated into precast parking structures, while any perceived disadvantages 
may be eliminated through modification of traditional practice. 
 
Monolithic construction is probably the most beneficial aspect of cast-in-place parking 
structures, however many forget that even cast-in-place structures have construction 
joints separating pour zones.3 Moisture can infiltrate these joints similar to with precast 
parking structures; however repair is much more difficult (Figure 1.7). Additionally, 
quality control limitations in extreme climates lead to shrinkage and temperature cracks 
just as susceptible to moisture as joints.3 Post-tensioning was incorporated into cast-in-
place parking structures specifically to reduce this type of cracking, as well as to prevent 
moisture infiltration by compression of the deck.3 This works to an extent, however 
adsorption of deicing chemicals is still of concern, especially when the majority of post-
tensioned parking structures use unbonded tendons (Figure 1.8).3 Concrete can be 
manufactured which is resistant to such penetration, but once again - quality control is an 
issue. 
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Figure 1.7 Construction joint of post-tensioned cast-in-place parking structure 
 
 
Figure 1.8 Deck ceiling above unbonded post-tensioning 
 
Precast engineers have tried to emulate monolithic construction by adding concrete 
overlays to the main deck members. These members are typically double tees with a 2 in. 
thick flange.5 Unfortunately, the flange overhangs of these members are "subject to 
flexure", which "can lead to cracks and separation in the connections and joints".6 Instead 
of applying post-tensioning (as was done for cast-in-place parking structures), precast 
engineers instead switched to pre-topped double tees and concentrated on developing 
guidelines for flexible, waterproof joints. The main problem with this is that "a properly 
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sealed joint is the result of successful execution by many individuals, including the 
designer, the precaster, the precast concrete erector, the welder, the concrete finisher, and 
the sealant contractor".1 With so many people involved, it becomes questionable as to 
who is directly responsible for the joint's performance. 
 
The four commonly found issues with joints are adhesion failures, cohesive failures, 
substrate failures, and loss of sealant properties.7 Adhesion failures occur when sealants 
are applied to an improperly prepared surface or temperatures exceed the limits for 
application. Cohesive failures occur when joints are improperly sized, the quantity of 
sealant applied is inaccurate, or not enough support is provided to the sealant as it cures. 
Substrate failures occur when edges of the precast decking are not smooth or cracking 
develops at connections due to the high weld temperatures. Lastly, loss of sealant 
properties is mainly attributed to age, exposure to ultraviolet loads, extreme temperatures, 
abrasion, and improper mixing of sealants with multiple components.  
 
Several attempts have been made to reduce joint failures by providing a continuous width 
along the joint and silicone instead of urethane sealants.1, 8 The problem with continuous 
widths, however, is that it becomes difficult for welders to maneuver in spaces between 
1/2 in. to 3/4 in. wide. Silicone sealants are also 3 times more expensive than urethane 
sealants and must be tooled properly otherwise tend to deteriorate under exposure to 
traffic.8  
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What should be taken from this information is not that deck joints are inherently 
susceptible to deterioration in precast parking structures. In fact, studies show that when 
properly sealed and maintained, the joints for precast parking structures have "few if any 
leaks" over their anticipated life cycle.9 The basic point of this discussion is simply to 
conclude that typical joints for precast parking structures cannot be expected to emulate 
monolithic construction. Instead of attempting to control the numerous factors 
contributing to the effectiveness of joints, perhaps precast engineers should follow in the 
footsteps of cast-in-place enthusiasts by incorporating post-tensioning into the design of 
precast parking structures. 
 
In response to the positive drainage advantage of cast-in-place parking structures, several 
studies have been conducted to ensure that minimum slope requirements are provided for 
precast garages. These slopes correspond to 1.5 percent in the longitudinal direction and 
0.5 percent for the transverse direction, which is used to create crickets that direct water 
to drain locations.9 
 
Flexible column spacing and generally no shear walls are two advantages shared by both 
cast-in-place and structural steel with concrete deck parking structures. This issue 
originates from the use of stemmed members for the main deck joist in precast parking 
structures. Double tees typically have a spacing of 4 ft to 6 ft between stems, thus making 
it impractical to provide columns with corbels for bearing. The main advantage to using 
columns over walls is that an open parking structure provides a greater sense of occupant 
safety. Additionally, the design of columns is simpler than that for shear walls. Precast 
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engineers have been able to lessen this disadvantage by providing lite walls instead of 
solid walls for the building's structural frame. Lite walls are shear walls with openings to 
allow for a more open atmosphere and greater distribution of light.  
 
Although effective at producing the desired results, why continue to limit precast parking 
structures with a solution that is altogether unnecessary? Some might contradict this 
statement by noting that shear walls are not only used as bearing for double tees, but also 
to take any lateral loads sustained by the system. Studies have shown, however, that stairs 
and elevator shafts are more than adequate to handle lateral forces.9 Another problem 
with the current wall design of precast parking structures is torsional cracking of spandrel 
beams used to support double tees. Not only is torsion an issue, but these ledges create 
roosting areas for birds and undesirable shadows along the walls. Individual corbels at 
each double tee stem would be a much more attractive solution.  
 
Based on all the given information, it is clear that the use of double tees as the main deck 
members for precast parking structures affects far more than just the deck itself. Why 
then are double tees so popular? The answer lies in the section's strength and ease of 
production / construction. Double tees are uniquely shaped to provide large widths 
capable of spanning typical 60 ft bays and supporting live loads up to 50 psf. Solid slabs 
are limited to approximately 30 ft under the same loading. Several studies have also been 
conducted to optimize the design of double tees for use in precast parking structures. For 
example, one study concluded that web shear reinforcement may be omitted except in the 
outer 5 ft to 8 ft, provided:10 
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• The tees are simply supported 
• Loads are substantially uniform 
• Tee depth is between 24 in. and 36 in. and span-to-depth ratio is less than 30 
• Required shear reinforcement based on Vcw, Eq. (11-13) of ACI-318, is essentially 
zero 
• Calculated bottom tension stress is kept below the cracking stress, 7.5f'c  
 
Another study determined that the use of 15 ft wide double tees over more commonplace 
8 ft to 12 ft wide members results in saving approximately 15 percent on total project 
costs. This is achieved by reducing the number of members as much as 30 percent and 
saving on "delivery, erection time, labor costs, connections, and other related expenses".11  
Leg spacing was increased to 7 ft 6 in., which in turn allowed for a greater distribution of 
lighting, but not enough to substitute columns for lite walls. The main benefit of fewer 
members, however, is a reduced number of joints requiring long term maintenance. 
 
Unfortunately, while the cross-section of double tees is easy to produce, the separation 
between stems has been known to cause problems. "During the curing process, the stem 
concrete is held rigidly by the steel forms. This restrains the flange's ability to shrink 
between the stems as it cures, occasionally producing a crack in the flange adjacent to the 
inside corner of the juncture between the stem and the flange".9 Other cracking has 
occurred during the stripping process or intentional warping of double tees. These cracks 
are attributed to elevated stress concentrations as one portion of the member is forced to 
handle a higher distribution of load then the rest of the section.  
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Not only does the separation of stems for double tees lead to cracking, but so does 
dapped ends for lateral stability and a reduction of overall building heights. Despite 
research specifically indicating that this issue can result in failures with "little to no 
warning," recommendations from investigators were never included in current design 
specifications.12 Only recently has the Precast Concrete Institute determined that 
additional specifications are necessary for the design of dapped members, and as such 
further investigation is required to re-evaluate and update the now outdated research.13 
Although certainly worth reviewing, it also deserves consideration that the entire use of 
double tees in precast parking structure applications be re-evaluated as well. 
 
The idea that another section would be more economical and efficient than double tees in 
precast parking structures is not unique. Alternative designs using pre-topped box girders 
have already been erected in Mexico.14 Nevertheless, convincing more precasters, 
engineers, and owners to invest in such a change can only be achieved by optimizing 
every aspect of the section’s design, production, construction, and support system. This 
involves an in depth analysis to determine the ideal shape and dimensions of a member 
with comparable strength and shape to double tees, but none of the aforementioned 
issues. It also requires a basic understanding of how the structural support system and 
member connections of a parking structure may be altered given the use of a different 
section. Ideally, columns would be utilized along the interior of the building and 
monolithic behavior imitated at the joints. Columns are not necessary for the exterior of 
the building since precast panels are able to create architectural facades that add 
"enriching detail" and a "human scale" to the structures.15 Drainage without warping, 
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floor vibration, and higher ceilings must all be addressed. Simplified production and 
construction procedures are essential to any newly proposed system features. 
 
1.3 OBJECTIVES 
A set of objectives were developed in order to summarize exactly which features of cast-
in-place and structural steel with concrete deck parking structures are to be researched for 
implementation in precast parking structures. These features include monolithic joint 
behavior, elimination of interior shear walls, and improved light distribution. It should be 
noted that these features are to be achieved by development of a new deck system that is 
cost-competitive with current systems and has the same joist width flexibility as precast 
double tees. 
 
2.0 SYSTEM DEVELOPMENT 
The basis for optimizing a new section to compete with double tees is founded on the 
principle that double tee strengths are limited by the vertical distribution of strands within 
the beam stems. This arrangement causes the beams to reach full capacity before the 
strain potential of the upper strands is met. A box section utilizes a bottom flange for 
horizontal placement of strands, which allows for an equal distribution of strain to all 
prestressing steel. The vertical or horizontal arrangement of strands directly affects the 
effective depth of steel resisting applied loads. From this relationship, it can easily be 
understood that a box section with a shallower depth and a similar amount of reinforcing 
steel can achieve the same strength as a double tee. Member weight plays a significant 
part in the cost of member fabrication and transportation to the construction site. 
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Reducing the member height thereby reduces its weight and improves the individual 
member and overall building economics.  
 
Interior shear walls add unnecessary cost to the structure and prevent an open view of the 
surrounding environment. For example, occupants on one side of the structure can be 
unaware of someone who might be on the same level but separated by walls blocking 
adjacent rows of parking. Providing a ramp in the direction of these walls adds stiffness 
to the structure and makes the interior shear walls insignificant to the overall structural 
behavior. Replacing the double tee with a box section also eliminates the need for 
supports every 6 to 8 ft beneath the member stems. Instead, a single support can be 
placed every 12 to 16 ft below the bottom flange of a box section. Furthermore, columns 
spaced every 12 to 16 ft are much more reasonable than if used with the 6 to 8 ft 
alternative. 
 
Spandrel beams along the exterior building walls tend to cause torsion issues that must be 
accounted for in the system’s design, but is often ignored. In addition, the excess length 
of these beams beyond that which supports the stems adds cost to the structure and allows 
for a buildup of dirt that is unflattering to the building’s interior aesthetics. The beams 
also create shadows which should be avoided in parking structures due to safety concerns 
for the occupants. Additional instances where lighting disbursement is improved in the 
developed system are the shallower depth of the box section and the increased spacing 
between member ridges.  
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Cast-in-place parking structures are sometimes preferred over precast parking structures 
due to the continuous behavior that develops from joint free transitions between 
members. Precast fabricators have tried to emulate part of this behavior by using double 
tees with a 2 in. thick flange that is then topped at the site with a 2 in. structural concrete 
overlay. Unfortunately, reflective cracking tends to occur in this type of system where 
moving loads cause the joint between precast flanges to repeatedly open and close. 
 
Post-tensioning is an obvious solution to this problem. The compression force provided 
by the strands prevents the joint between flanges from opening. While it may be possible 
to incorporate post-tensioning in precast double tee parking structures with cast-in-place 
toppings, this is considered to limit the overall design by imposing quality control issues 
and extended construction schedules to the project. As such, only fully precast members 
are investigated. It is taken into account, however, that some regions of the world are 
resistant to the use of post-tensioning - thus full acceptance of a new system is dependent 
on its applicability to current pre-topped double tee joint connections. Further 
development of the assumed structural system is a process of designing the individual 
aspects of a typical parking structure. This is presented in the following sections. 
  
2.1 BUILDING LAYOUT 
The building layout for design purposes is based on Example 4.5.12 of the PCI Design 
Handbook, 7th Edition. A 3 level parking structure is given with the dimensions shown in 
Figure 2.1. The building has 3 bays of 60 ft with 6 ft 6 in. long shear walls spaced at 10 ft 
along the interior longitudinal direction. Additional shear walls labeled as “typical” can 
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be found in the transverse direction at the four corners of the ramp. Stairwells are 
designated at the four corners of the building.  
 
 
Figure 2.1 Example 4.5.12 of the PCI Design Handbook, 7th Edition 
 
In order to keep uniform building dimensions for a 12 ft and 16 ft joist spacing, the 
longitudinal dimension of Example 4.5.12 was modified from 264 ft to 288 ft. This 
allows for the building layout shown in Figure 2.2 and Figure 2.3. No expansion joint is 
detailed since the length of the structure is less than 300 ft.4 Joist widths are an even 10 ft, 
12 ft, and 16 ft for both layouts. Only 12 ft and 16 ft wide members are analyzed within 
this report. Minimal slopes are specified for both the longitudinal and transverse 
directions. The longitudinal slope is 1.5 percent and the transverse slope is 0.5 percent.9 
Strand is considered flexible enough that a 0.5 percent slope is not an issue with regard to 
a post-tensioned flange to flange connection. As mentioned in the previous section, shear 
20 
walls along the interior have been eliminated and replaced with columns. Elevator shafts 
and stairwells are not included in the scope of the system development, however are 
considered to resist the majority of lateral forces imposed on the structure. 
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2.2 JOIST SELECTION 
Optimization of the joist section is directly influenced by the live load assumed to act on 
the building. ASCE 7-10 table 4-1 recommends a 40 psf live load for parking garages 
with passenger vehicles only. In order to ignore Midwest snow conditions, this value was 
increased by 25 percent for an assumed value of 50 psf.  
 
By referencing Chapter 3 of the PCI 7th Edition handbook, the smallest 12 ft wide, pre-
topped member able to span 60 ft is 30 inches deep and has 16 straight 0.5 in. diameter 
strands (Figure 2.4). This section is called a 12DT30. Section properties and design 
information for this member are provided in Table 2.1.  
 
While the PCI 7th Edition handbook does not provide any information on 16 ft wide 
double tees, sections this size have been used in the North-East region of the United 
States. Dimensions and strand arrangement for a 16 ft section is based on the 15 ft wide 
pre-topped double tee in the PCI 7th Edition handbook. The design of a 16 ft wide section 
able to support a 50 psf live load over a 60 ft span is shown in Figure 2.5. The section has 
20 straight 0.5 in. diameter strands and its section properties are listed in Table 2.2. 
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Figure 2.4 Section dimensions and prestress of 12DT30 
 
Table 2.1 Section properties of 12DT30 
 
 
 
A 928 in.
2
I 59,997 in.
4
y b 22.94 in.
y t 7.06 in.
S b 2615 in.
3
S t 8498 in.
3
wt 967 lb/ft
DL 81 lb/ft
2
V/S 2.3 in.
12DT30
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Figure 2.5 Section dimensions and prestress of 16DT30 
 
Table 2.2 Section properties of 16DT30 
 
 
2.2.1 Shape Analysis 
The strength of a double tee cross-section is limited by the thin width of the member 
stems. Strands must be arranged in a vertical pattern, which reduces the effective depth of 
steel resisting tensile forces. In most sections, only two strands are located at a given 
depth. This generally indicates that strands near the top of the section will never resist 
loads close to their full potential. A simpler way to describe this behavior is that loads are 
resisted linearly along the height of the member. In other words, strands closer to the 
A 1194 in.
2
I 80,856 in.
4
y b 22.90 in.
y t 7.10 in.
S b 3531 in.
3
S t 11385 in.
3
wt 1243 lb/ft
DL 78 lb/ft
2
V/S 2.5 in.
16DT30
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tensile face of the member (bottom) have a higher stress than those closer to the 
compression face (top) of the member.  
 
Fig. 5.2.2 of the PCI 7th Edition Design Handbook provides further evidence of the 
relationship between the distribution of tensile steel and its effective depth. The figure 
provides a flowchart of nominal strength calculations for flexure. The basic solution can 
be summarized as: 
 Mn= Apsfps(d-a/2)  Equation 2.1 
Reference Appendix A for definitions of the above equation. 
 
What results from this relationship is that a horizontal distribution of an equivalent 
amount of tensile steel can achieve a similar strength to a vertical distribution of steel 
when placed at a depth near the vertical distribution’s effective depth. In short, a 
horizontal distribution of prestressing strands allows for a shallower section than a double 
tee without compromising the strength of the member. Additionally, each strand takes an 
equal amount of stress, thereby increasing the efficiency of the section since every strand 
uses its full potential in resisting loads. 
 
Several sections are currently available which allow for a horizontal distribution of 
strands. Of these sections, I-beams and bulb tee beams are eliminated due to a lack the 
aesthetic appeal. Sections with continuous flat soffits are generally considered more 
attractive than stemmed members. Sections with continuous flat soffits include solid 
slabs, adjacent box girders, adjacent pi-girders (Figure 2.6), and pre-topped box beams – 
or PTBs for short (Figure 2.7). Solid slabs may be eliminated as an efficient replacement 
27 
for double tees since section depths are limited and unable to reasonably achieve a similar 
strength. Adjacent box girders are also eliminated since bearing conditions must be 
continuous, thus preventing the use of columns. 
 
 
Figure 2.6 Pi-girder 
 
 
Figure 2.7 Pre-topped box beam (PTB) 
 
Adjacent pi-girders and PTBs are essentially the same section when it comes to building 
aesthetics and prestress design. Comparison of the two sections must then focus on 
production, transportation, and construction. Coreslab Structures, Hamilton Form 
Company, Ltd. and Helser Industries were consulted with regard to these three topics. A 
general consensus was established that PTBs have an advantage over pi-girders when it 
comes to maintaining the simplicity of double tees. This simplicity is mainly attributed to 
the stability of a double tee cross-section during stripping, shipping, and handling. 
Additional benefits of a double tee cross-section include the ease of modifying section 
widths for production and stacking members for storage.  
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Unfortunately for pi-girders, many of the aforementioned benefits to doubles tees are not 
easily attained. For example, pi-girders are hindered due to irregular shape of the girder 
exterior. In order to produce such a section, the formwork requires either a bottom form 
with side attachments or a single form with block outs. Stripping the section is then a 
three step process of removing the sides and bottom form. Styrofoam could be used as a 
permanent block out cast with the section; however, it adds unnecessary costs to the 
girder production. In comparison, PTBs can be formed with a single exterior mold and 
various options for the interior mold. While Styrofoam is still available as a means of 
forming the void space, production could also utilize collapsible forms or a two stage 
pour where the bottom flange and webs are cast separate from the top flange.  
 
A side benefit to using a two stage pour is that the section can be stored without its top 
flange. The majority of labor for the construction of PTBs is relative to the bottom flange 
and webs, which requires prestress and shear reinforcement. The bottom half of the PTBs 
could be stocked while the top flange waited until the construction site was ready to 
receive members. This maximizes storage space. Placing top flange reinforcement so the 
second stage can be cast should not take more than a few hours.  
 
If not formed in two stages, however, PTB members still profit from having 
interconnected webs. Unconnected webs for stemmed members are susceptible to 
cracking from stresses developed due to uneven bearings. Vertically stacking fully 
formed PTBs may require a leveling surface, but ultimately would not occupy any more 
horizontal space than equal width double tees. In fact, PTBs  would actually save space in 
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the vertical direction since members are most likely shallower than double tees of 
comparable strength. 
 
Transportation is another area in which PTB members appear more advantageous than pi-
girders. If members as wide as 16 ft are to be shipped then it is entirely possible that the 
cross-section will need to be rotated diagonally in order to fit within the limits of the 
truck bed. As such, it is important that the cross-section chosen be strong about its 
vertical centerline. Obviously, pi-girders are weaker than PTBs in this regard. 
 
Lastly, construction of a system using adjacent pi-girders places joints directly over the 
location of prestress. This increases the chances that the void space between members 
will deteriorate due to infiltration of environmental chemicals and salts. Prestress failures 
are sudden and extremely dangerous, therefore should be avoided at all costs. 
 
As evident by the preceding discussion, PTB members are clearly the perfect candidate 
for competition with double tee members in precast parking structure applications. 
 
2.2.2 Section Dimensions 
Section dimensions were analyzed in order to optimize the width and height of a PTB 
cross-section and ensure its compatibility against similar strength double tees. The 
structural analysis program known as Concise Beam was utilized for this analysis. 
Variables considered in the analysis were joist depth, flange depth, and concrete strength. 
A 50 psf live load was used during strength design. 
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Initial dimensions were based loosely on pre-topped double tee characteristics, such as a 
4 in. flange depth and an approximate minimum 4 in. web width. Both 12 ft and 16 ft 
flange widths were analyzed against the 12DT30 and 16DT30 described in Section 2.2. 
The bottom flange width of 3 ft was determined based on achieving a similar number of 
strands to the 12DT30 at a shallower depth. While a 16DT30 requires 4 more strands than 
the 12DT30, it is assumed that a minimum of 4 strands can be added above the main 
layer of prestress, thus basing the section dimensions on the 12DT30. 
 
For further clarification, a 12DT30 requires 16 straight 0.5 in. diameter strands. At a 
horizontal spacing of 2 in., the minimum width of concrete needs to be 17 spaces at 2 in., 
which is equal to 34 in. Rounding to the nearest half foot becomes 3 ft. The section for 
analysis can be viewed in Figure 2.8.  
 
 
Figure 2.8 Section for Concise Beam analysis 
 
Figure 2.9 and Figure 2.10 were developed to represent the joist depth analysis of a 
12DT30 and 16DT30 against similar PTBs. It can be seen that changes in the PTB 
section height greatly affect its weight and cross-sectional properties. In both cases of 
width, the weight of a PTB section is less than a double tee of the same height.  
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Figure 2.9 Joist depth analysis of 12 ft wide PTBs and DT 
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Figure 2.10 Joist depth analysis of 16 ft wide PTBs and DT 
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For amount of prestress, it appears that a 24 in. depth limits the shallowness of the 
section. Anything shorter cannot be designed to meet strength and stress requirements. As 
for prestress area, PTB members require significantly less strands for section widths less 
than or equal to 12 ft. A similar number of strands to DTs are necessary for PTBs of 
greater width. Alternatively, no substantial reduction in prestress area can be gained by 
deeper PTB sections of widths less than or equal to 12 ft. As such, the only advantage of 
a 30 in. deep PTB section is a smaller camber at transfer of prestress; however, a 24 in. 
deep section has a similar camber at transfer of prestress to the alternative double tee 
design. The obvious conclusion based on this comparison is that a 24 in. deep PTB is the 
optimal height for the replacement of double tees used in parking structure applications.  
 
Analysis of flange depth for a 16 ft wide PTB cross-section versus a 16DT30 is available 
in Figure 2.11. This analysis was done to determine how much weight would be gained 
by keeping the height of the section the same, but increasing the flange depth to allow for 
a greater depth of reinforcement in the negative moment zone near the base of the flange 
overhang. It was determined that a variable flange depth up to approximately 5 in. would 
not cause the weight of the member to exceed that of a similar strength double tee. Cross-
sectional properties and amount of prestress showed no significant changes with regard to 
this analysis. 
 
Similar to the flange depth analysis, only a 16 ft wide PTB cross-section and 16DT30 
were considered for the concrete strength analysis. It can be seen by Figure 2.12 that 
concrete strength has no effect on the amount of prestress and very little effect on initial 
34 
camber when the 28 day strength is increased to 6000 psi from 5000 psi and the strength 
at release is increased to 4000 psi from 3500 psi. When considering how easy it is to 
achieve higher strength concrete in the controlled environment of precast plants, it is only 
logical to utilize the increased strength characteristics. For this reason all calculations 
from this point on will be based on a 6000 psi final and 4000 psi initial concrete strength.  
 
The final section dimensions shown in Figure 2.13 are based on two of the production 
methods covered in the following section. Void dimensions can also be found in that 
section. Tapering the bottom flange width at the inside face of the webs is done to allow 
for a layer of 4 strands before limiting the section to 1 strand per web. This is important 
should additional strength be desired. Final section properties are given in  Table 2.3 and 
Table 2.4. 
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Figure 2.11 Flange depth analysis 
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Figure 2.12 Concrete strength analysis 
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Figure 2.13 Final section dimensions for PTB 
 
Table 2.3 Final 12PTB24 section properties 
 
 
 
 
 
 
 
 
 
A 929 in.
2
I 55,692 in.
4
y b 17.09 in.
y t 6.91 in.
S b 3258 in.
3
S t 8061 in.
3
wt 968 lb/ft
DL 81 lb/ft
2
V/S 2.9 in.
12PTB24
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Table 2.4 Final 16PTB24 section properties 
 
 
2.2.3 Production Methods 
The main issue of production for a PTB cross-section is formation of the interior void. 
Since the exterior form remains the same for each method of production, its cost is not 
considered important to this discussion. Several options are available to form the interior 
void, each of which has varying long term and short term costs. Long term costs for 
materials are included in this analysis; however, short term costs for buying metal forms 
are ignored under the assumption that the form eventually pays for itself. Other 
advantages and disadvantages considered include labor, structural behavior, and building 
maintenance.  
 
The simplest method for production is use of a Styrofoam void. Unfortunately, simplest 
does not correspond with most cost efficient. A price estimate provided by Benchmark 
Foam, Inc. of Watertown, South Dakota estimates a current cost of 0.02 cents per in.2 per 
lineal ft. This multiplies out to approximately $500 per PTB when considering the cross-
A 1121 in.
2
I 59,782 in.
4
y b 17.93 in.
y t 6.07 in.
S b 3334 in.
3
S t 9852 in.
3
wt 1168 lb/ft
DL 73 lb/ft
2
V/S 2.7 in.
16PTB24
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section given in Figure 2.14 and a 60 ft member length. The benefit to using Styrofoam; 
however, is that the section can be poured in a single stage and no labor costs would be 
necessary to extract materials from the void after casting. Additionally, Styrofoam can 
also be installed with a waterproof barrier that keeps moisture from building up within 
the section. Moisture buildup can cause corrosion of reinforcement within the member. 
Corrosion of reinforcement in concrete members increases the chance of sudden failures, 
with the potential for disastrous results. On the other hand, keeping the Styrofoam within 
the section eliminates its usage as a storage space for M/E/P. While drainage holes can 
easily be located to prevent moisture buildup, the same cannot be said for removing 
Styrofoam once it is cast with the section.  
 
 
Figure 2.14 Styrofoam option to form void 
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Another method of forming the interior void is a two stage pour involving a form that 
would be removed vertically from the section after the bottom flange and webs are cast. 
The formwork for the interior void could be similar to Figure 2.15, which was 
contributed by Helser Industries of Tualatin, Oregon. This figure shows a hanger 
assembly provided in 5 ft increments and spanning the entire girder length during the 
stage one pour. The form would be removed within 24 hours so that a cold joint would 
not form between the webs and top flange. As a precaution, the webs would be roughened 
to aid against interface shear. This process was considered plausible by Coreslab 
Structures, Inc. of Omaha, Nebraska and members of the PCI committee associated with 
this research. Once the form for the interior void has been removed, a 3/4 in. x 2 ft 8 in. x 
4 ft piece of CDX plywood could be set atop the section so that the top flange could be 
cast. The dimensions are modular with a 3/4 in. x 4 ft x 8 ft piece of plywood. Based on 
Midwest hardware store prices, CDX plywood costs approximately $17.50 per 3/4 in. x 4 
ft x 8 ft sheet. If the plywood was cut uniformly into 3 pieces of size 3/4 in. x 2 ft 8 in. x4 
ft, then only 5 pieces of CDX plywood would be necessary for a 60 ft long span. This 
equates to approximately $90 per PTB. A PTB section with CDX plywood can be viewed 
in Figure 2.16. The main issue associated with the use of CDX plywood is that end 
diaphragms are necessary to prevent deterioration of the plywood and subsequent buildup 
of moisture in the void. This moisture has the potential to be absorbed by the plywood at 
the top flange instead of released by drainage holes located along the bottom flange. 
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Figure 2.15 Helser Industries’ details for two stage section formwork 
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Figure 2.16 CDX plywood option to form void 
 
The last option for creating the interior void is use of a collapsible metal form (Figure 
2.17). Short term costs would essentially be $0.00 since the formwork is considered an 
investment. The formwork would not span the entire girder length, thus avoiding issues 
that might result from camber or space availability in the longitudinal direction. A 2 in. 
change in height of the formwork is also provided for additional tolerance against 
camber. The main disadvantage of this option is that labor costs may increase due to the 
complexity of the formwork's removal. Even so, it is considered the most cost effective 
method of creating the interior void and is therefore recommended over the other two 
methods.  
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Figure 2.17 Collapsible metal form option to form void 
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2.2.4 Longitudinal Design 
The longitudinal design given in this section includes prestressing, shear, and end zone 
reinforcement for 12 ft and 16 ft wide members of the finalized section in Figure 2.13. 
Deflections are also checked for adequacy. Calculations for the design of a 12PTB24 and 
16PTB24 are available in Appendix B and Appendix C. Prestressing was changed from 
0.5 in. diameter strands to 0.6 in. diameter strands as a means of reducing labor costs and 
keeping all strands in a single layer. Top strands are required only if the section is cast 
using a two stage pour with strands that are cut before the section is fully composite with 
the top flange. Top strands can be used to position stirrups if the section is cast in a single 
stage pour. Only minimal jacking is necessary to prevent top tensile stresses from 
exceeding the limits of an un-cracked section. A total of 10 fully prestressed 0.6 in. 
diameter strands are required for the 12PTB24 design, and 13 fully prestressed 0.6 in. 
diameter strands for the 16PTB24 design. 
 
Vertical shear reinforcement was minimized by calculating strength according to ACI 
318-08 equations 11-10 and 11-12 for Vci and Vcw, respectively. Vci is the nominal shear 
strength provided by concrete when diagonal cracking results from combined shear and 
moment. Vcw is the nominal shear strength provided by concrete when diagonal cracking 
results from high principal tensile stress in the web. As with the design of double tees, 
minimum reinforcement was provided wherever the ultimate shear, Vu, exceeds one-half 
the factored design strength for Vcw, 0.5ϕVcw. This situation occurs 8 ft to 20 ft from the 
ends of a 60 ft long member. Minimum reinforcement is controlled by ACI 318-08 
Section 11.4.5.1, where spacing of the reinforcement may not be greater than three 
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quarters the height of the member (0.75h = 0.75*24 in. = 18 in.). Calculations are based 
on the use of #3 rebar for two leg vertical shear stirrups. Providing reinforcement at 6 in. 
for the first 8 ft of the member keeps the spacing of reinforcement modular with 18 in. 
and satisfies strength requirements for both 12 ft and 16 ft wide members. End zone 
reinforcement is required in the form of two #3 stirrups spaced at 2 in. for the first 6 in. of 
the member ends. No vertical shear reinforcement is required in the middle third of the 
section. Horizontal shear was checked for adequacy by extending the vertical shear 
reinforcement into the top flange. No issues were found with regard to the section's 
horizontal shear capacity. Figure 2.18 and Figure 2.19 detail the longitudinal 
reinforcement. Concrete cover for reinforcement meets ACI 318-08 specifications. All 
reinforcement labels begin with an “A”, followed by the bar size. After the bar size is a 
number to distinguish between bars of different shape.  
 
 
Figure 2.18 Final 12PTB24 and 16PTB24 longitudinal reinforcement 
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Figure 2.19 Spacing of 12PTB24 and 16PTB24 shear reinforcement 
 
Deflection was calculated for both the single stage and two stage (composite) methods of 
productions. Both analyses were done according to the PCI Design Handbook, 7th edition 
Section 5.8.4. The composite analysis was done using deflection multipliers for shored 
construction. Results for these analyses are given in Table 2.5. Maximum total and live 
load deflections are also shown in Table 2.5. While calculations for a two stage pour of 
the 12PTB24 member technically exceeds both total and live load limits, the amount is 
not enough to cause concern when considering that the method for calculating such 
deflection is highly approximate. 
 
Table 2.5 Deflections for 12PTB24 and 16PTB24 
 
 
Production Total Live
Member method in. in.
single stage -0.25 -0.87
two stage -3.32 -2.19
single stage 0.24 -1.01
two stage -1.20 -1.48
Limits l /240 = 3.0 l /360 = 2.0
Deflection
12PTB24
16PTB24
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2.2.5 Transverse Design and Connection Methods 
Transverse reinforcement for a 12PTB24 and 16PTB24 were designed using finite 
element analysis and checked by static hand calculations. A model of the beam’s cross-
section was input into SAP2000 3D with the following properties: 
• Frame elements represent the girder top flange, webs, and bottom flange 
• Frame thickness is an average of its corresponding section thickness 
• Frame widths are 12 in.  
• A pinned and roller support restrain movement at the two joints for the flange 
base, one at each joint 
Figure 2.20 represents a single PTB cross-section as interpreted by the program. 
 
 
Figure 2.20 SAP2000 3D Model of 12PTB24 and 16PTB24 
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Additional assumptions for both the finite element analysis and static hand calculations 
include: 
• The flange acts as a cantilever beam for all dead loads 
• A post-tensioned flange to flange connection acts as a fixed-fixed beam for all 
live loads  
• A welded flange to flange connection acts as a cantilever beam for all live 
loads  
 
A total of 6 members were connected transversely for the design analysis. Continuous 
behavior (or moment transfer at the joint) was assigned for the post-tensioned connection, 
while moment releases were assigned at the joint to represent load transfer for a welded 
shear connection. Dead load was measured at the free flange of the exterior member so 
that the method of flange to flange connection did not impact the assumptions for dead 
load. Weight causing dead load was determined by the program based on frame section 
properties and a concrete unit weight of 150 pcf. Live load moments were measured at 
the central connection. Two cases were considered for live load (Figure 2.21), the first 
being a 50 psf distributed load across the top flange of all members. The second case 
considered was a single 3000 lb concentrated load, as specified by ASCE 7-10 Table 4-1. 
This force was distributed to the web face at a 60 degree angle, as recommended by the 
PCI Design Handbook, 7th Edition Section 5.12.1. Distribution distances for a 12PTB24 
and 16PTB24 were considered equal to 14 ft and 21 ft, respectively.  
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Figure 2.21 Two cases considered for live load 
 
Placing the concentrated point load at the flange to flange connection maximizes negative 
moment at the flange base and positive moment at the joint. Shear forces were checked, 
but did not control the transverse design and as such are not reported in this section. An 8 
ft spacing of two fully tensioned 0.6 in. diameter strands was determined for the post-
tensioned connection based on limiting stresses to 150 ksi in compression as a result of 
prestress forces only (after allowance for all prestress losses) and 0 ksi tension due to the 
combination of dead load and all other externally applied loads. A 5 ft spacing of the 
welded shear connection was determined based on consultation with Coreslab Structures, 
Inc. of Omaha, Ne and the PCI committee associated with this research.  
 
A summary of maximum moments as determined by SAP2000 3D and static hand 
calculations for a 12PTB24 and 16PTB24 are given in Table 2.6 and  
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Table 2.7. A combination of the max values from both analyses was used for the design of 
transverse reinforcement. 
 
Table 2.6 Service load moments for 12PTB24 
 
 
 
 
 
 
 
 
 
Dead load Live load
1
Live load
2
Connection Location kip-in/ft kip-in/ft kip-in/ft
Joint 0.00 2.00 2.69
Flange base 6.82 4.42 3.14
Joint 0.00 0.00 0.00
Flange base 6.82 6.42 5.71
1
50 psf distributed load
2
3000 lb point load
Dead load Live load
1
Live load
2
Connection Location kip-in/ft kip-in/ft kip-in/ft
Joint 0.00 2.03 2.84
Flange base 6.43 4.05 2.84
Joint 0.00 0.00 0.00
Flange base 6.43 6.08 5.67
1
50 psf distributed load
2
3000 lb point load
Welded
SAP2000 3D
Static hand calculations
Post-
tensioned
Post-
tensioned
Welded
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Table 2.7 Service load moments for 16PTB24 
 
 
Details for the post-tensioned connection are available in Figure 2.22. The flat duct is 
precast with the section to allow for insertion of the two 0.6 in. diameter strands, while 
the polyethylene coating is provided to allow for grouting of the joint before the strands 
are fully tensioned. This places the joint under compression, as well as adds an extra layer 
of corrosion protection to the strands. Grout should be a non-shrink mix of equal strength 
to the precast joist design. Use of a backer rod and sealant are the only materials required 
to prevent grout leakage. Grout must be flowable enough to fill the joint, but does not 
need to extend the full length of the flat duct. Drainage holes are not specified since the 
strand is encapsulated. Details for a typical welded connection are available in Figure 
2.23. 
Dead load Live load
1
Live load
2
Connection Location kip-in/ft kip-in/ft kip-in/ft
Joint 0.00 3.94 2.56
Flange base 13.57 9.23 3.01
Joint 0.00 0.00 0.00
Flange base 13.57 13.17 5.50
1
50 psf distributed load
2
3000 lb point load
Dead load Live load
1
Live load
2
Connection Location kip-in/ft kip-in/ft kip-in/ft
Joint 0.00 4.23 2.73
Flange base 13.03 8.45 2.73
Joint 0.00 0.00 0.00
Flange base 13.03 12.68 5.46
1
50 psf distributed load
2
3000 lb point load
SAP2000 3D
Post-
tensioned
Welded
Post-
tensioned
Welded
Static hand calculations
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Figure 2.22 Post-tensioned flange to flange connection details 
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Figure 2.23 Welded flange to flange connection details (JVI, Inc.) 
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Calculations for the transverse reinforcement of both flange to flange connections can be 
found in Appendix B and Appendix C. Reinforcement was placed in two layers so that it 
did not interfere with the flat duct of the post-tensioned connection. Details of the 
transverse reinforcement are given in Figure 2.24. All specifications for minimal 
reinforcement meet ACI 318-08 Section 7.5.2.1 recommendations for reinforcement 
depth and concrete clear cover tolerances. It was found that for a 12PTB24 and 16PTB24 
with a post-tensioned connection, transverse reinforcement is controlled by the shrinkage 
and temperature requirements of ACI 318-08 Section 7.12. Post-tensioning does not meet 
ACI 318-08 Section 7.12.3, thus only precast reinforcement was considered in this 
analysis. Use of a welded connection causes transverse reinforcement to be controlled by 
the section's flexural capacity at the flange's max thickness. The bottom layer of 
reinforcement is designed specifically for the welded connection, thus making it optional 
for the post-tensioned connection. Welded wire reinforcement (WWR) is not necessary in 
the longitudinal direction since the members are prestressed, however must be provided 
for connection of the transverse reinforcement. The size and spacing was selected based 
on Appendix E. Appendix D & E were provided by Coreslab Structures, Inc and High 
Concrete Group, LLC. of Denver, Pa, respectively. Appendix D presents the typical 
transverse reinforcement for a 12DT30, while Appendix E presents the typical transverse 
reinforcement for a 16DT30. This information is summarized in Table 2.8. Note that both 
members were designed for a welded flange to flange connection. A comparison of the 
minimum reinforcement for a 12PTB24 and 16PTB24 versus a 12DT30 and 16DT30 is 
available in Table 2.9. This table indicates that a post-tensioned connection saves on the 
amount of transverse reinforcement required for double tees with a welded flange to 
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flange connection. It also shows that the increased flange length of the PTB cross-section 
does not affect the transverse reinforcement of members up to 12 ft wide when used with 
a welded flange to flange connection. 
 
 
Figure 2.24 Transverse reinforcement details for 12PTB24 and 16PTB24 
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Table 2.8 Transverse reinforcement for a typical 12DT30 and 16DT30 
 
 
Table 2.9 Comparison of transverse reinforcement for PTB and DT members 
 
 
Several other aspects of the transverse design were considered during development of the 
post-tensioned connection. These issues are briefly summarized as follows: 
• Production of the shear key must account for vertical lifting of the member 
from its formwork. This could be done similar to Figure 2.15, where the 
flange width is made adjustable by horizontal changes to the edges of the 
formwork. Another option to help protect the shear key during shipping 
and handling is to leave a mold in the flange until the member is set. 
• Alignment of the post-tensioning ducts is essential if post-tensioning is to 
span the entire length of the parking structure. This is the main reason a 
flat duct is provided. Discussion with Coreslab Structures, Inc. determined 
WWR in.
2
/ft
12DT30 W5 0.15
16DT30 W9 0.10
1
1
Increased to account for higher strength material
Post-tensioned Welded
connection connection
in.
2
/ft in.
2
/ft
12PTB24 0.08 0.12
1
12DT30 n/a 0.15
16PTB24 0.08 0.17
1
16DT30 n/a 0.10
2
1
Increased to account for bottom layer of reinforcement
2
Increased to account for higher strength material
Transverse reinforcement
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that the tolerances of using two 0.6 in. diameter strands with a 3.5 in. wide 
by 1.5 in. tall flat duct is within the capabilities of precast plants.  
• Threading post-tensioning across the entire length of the parking structure 
could be viewed as challenging; however, lead lines may be placed as the 
structure is built to guide strand as it is inserted. Strand is considered 
flexible enough to avoid issue with the 0.5 percent slope specified for 
drainage. 
• Previous practice has shown that transverse post-tensioning does not 
evenly distribute compression forces over large distances when connecting 
simply supported beams on typical bearings. Low friction bearings are 
available as a means to account for this concern.  
• Anchorage of the post-tensioning may require a pocket in the exterior wall 
panels. This pocket has the potential to be visually unappealing, although 
can most likely be masked by the structure's decorative facade. 
 
2.3 GIRDER SELECTION 
The building layout provided in Section 2.1 specifies that joists are supported by inverted 
tee girders along the outer 48 ft of the interior bay. This allows for free circulation of 
traffic about the central ramp. Inverted tees are typically used for this purpose, as can be 
seen in Example 4.5.12 of the PCI Design Handbook, 7th Edition. Spans for the inverted 
tee are generally 42 ft to 48 ft long. 
 
58 
The inverted tee specified in  Figure 2.2 and Figure 2.3 is supported by an exterior wall 
panel and interior column. This is done to maximize parking that would otherwise be 
obstructed by a column adjacent to the wall panel. It should also be noted that the interior 
column supports both the inverted tee and two joists. This results in a column with 
corbels at three out of four sides. The production of such a member is not thought to be 
an issue.  
 
Preliminary design attempts were made to eliminate the ledge of the inverted tee by 
placing corbels below the top flange. This investigation was done using Concise Beam, 
similar to Section 2.2.2. Input loads were based on the layout plan for 12 ft wide joists. It 
was found that a layout plan for 16 ft wide joists actually reduces loads by decreasing the 
number of joists supported by the girder. The transfer of live load and dead load from the 
joists to the girder is therefore 2.6 klf and 4.5 klf, respectively.  
 
The girder was designed with an initial compressive strength of 8 ksi and final 
compressive strength of 10 ksi. This is different from the joist, which is designed for 4 ksi 
and 6 ksi. Achieving higher strength is not an issue for precast plant production; however, 
cost does increase with strength. This is primarily a concern for joists due to the large 
number of sections produced. By comparison, relatively few girders are required, thus the 
additional cost per member has little impact on the overall cost of the structure. 
 
Preliminary girder dimensions were selected to correspond with the previously 
established 24 in. joist depth and as yet unidentified 24 in. column width. Column width 
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will be addressed in the next section. Analysis of a 24 in. by 24 in. girder indicated that 
the cross-section had to be modified for either width or depth before strength 
requirements could be met. Increasing width resulted in a 42 in. x 24 in. member with 40 
fully prestressed 0.6 in. diameter strands. Increasing depth resulted in a 24 in. x 36 in. 
member with 33 fully prestressed 0.6 in. diameter strands. This is the same depth as a 
40IT36, which only requires 24 fully prestressed 0.6 in. diameter strands. Figure 2.25 
summarizes the preliminary girder design. 
 
 
Figure 2.25 Preliminary girder designs 
 
While a rectangular section with corbels is still applicable as a 40 in. x 36 in. girder, the 
disadvantages to such a section outweigh its benefits. Inverted tees are simple to produce 
and the 36 in. depth is typical for parking structures with a 48 ft span. Formwork for a 
rectangular section with corbels is currently unavailable, not to mention more complex. 
Furthermore, the main reason to use a rectangular section with corbels is to keep the 
girder bottom flush with the joists. This reduces the overall height of the structure and 
improves aesthetics, but in the end is simply not feasible. Even so, the use of 24 in. deep 
PTBs versus un-dapped, pre-topped 30 in. deep double tees saves a height of 6 in. per 
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floor. While no overall height is saved with the use of dapped double tees, the structure 
still gains 6 in. of perspective height per floor. The connection between the inverted tee 
and PTB would be similar to that shown in Figure 2.26. 
 
 
Figure 2.26 Inverted tee to PTB connection 
 
Although not considered in detail, another option to improve aesthetics is presented in 
Figure 2.27. This section eliminates ledges by providing pockets for the joists. An 
investigation of tolerances is suggested to determine whether or not this type of 
connection is practical. 
 
 
Figure 2.27 Alternative shape with same prestress as inverted tee girder 
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2.4   WALL AND COLUMN RECOMMENDATIONS 
The purpose of this section is strictly to address connection methods and building 
aesthetics. Structural design of walls and columns is ignored, assuming vertical loads for 
a PTB system are no different than vertical loads for a double tee system. Stairwell and 
elevator shafts are intended to provide the structure's main lateral stability.  
 
Typical walls and columns for parking structures span the entire height of the building. 
This lessens construction time by reducing the number of members which must be placed 
during construction. While still applicable to the proposed system, consideration may 
also be given to use of precast panels that span horizontally instead of vertically. This 
simplifies vertical expansion of the building if additional parking is desired in the future. 
Columns at each level may be spliced together for continuous behavior.  
 
Exterior precast panels are recommended to have 40 percent openings in order to 
maximize natural lighting for the structure. Railing must be provided with the windows 
for safety. Instead of spandrel beams, two corbels would be centered over the opening to 
support PTB members, as seen in Figure 2.28. This increases member stability. The total 
height for each level is given as 10 ft, this means a 7 ft clearance between the floor and 
inverted tee. Example connections between the wall panels and PTB members are given 
in Figure 2.29. 
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Figure 2.28 Example elevation of 12 ft wall panel 
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Figure 2.29 Wall panel to PTB connections 
 
Interior columns are recommended to have a 24 in. x 24 in. cross-section. This is typical 
for precast parking structures which have utilized interior columns in the building layout. 
Corbels would have variable heights to account for the central ramp. Railing would be 
provided between columns since a 2 ft gap is located between members. Typical joist to 
column and inverted tee to column connections are available in Figure 2.30.  
 
 
Figure 2.30 Column to PTB and inverted tee connections 
. 
 64 
A
 m
o
re
 c
o
m
p
re
h
en
si
v
e 
v
ie
w
 o
f 
th
e 
p
ro
p
o
se
d
 p
ar
k
in
g
 s
tr
u
ct
u
re
 i
s 
p
re
se
n
te
d
 b
y
 t
h
e 
lo
n
g
it
u
d
in
al
 a
n
d
 t
ra
n
sv
er
se
 e
le
v
at
io
n
 v
ie
w
s 
o
f 
F
ig
u
re
 2
.3
1
 a
n
d
 F
ig
u
re
 2
.3
2
. 
W
al
ls
 a
re
 s
o
li
d
 f
o
r 
b
ea
ri
n
g
 o
f 
th
e 
in
v
er
te
d
 t
ee
 a
n
d
 t
o
 m
ar
k
 s
ta
ir
w
el
l 
an
d
 e
le
v
at
o
r 
sh
af
ts
. 
 
 
F
ig
u
re
 2
.3
1
 L
o
n
g
it
u
d
in
al
 e
le
v
at
io
n
 o
f 
b
u
il
d
in
g
  
 65 
  
 
F
ig
u
re
 2
.3
2
 T
ra
n
sv
er
se
 e
le
v
at
io
n
 o
f 
b
u
il
d
in
g
 
66 
3.0 EXPERIMENTAL PROGRAM 
3.1 OBJECTIVE 
An experimental program was developed to evaluate the longitudinal flexure and shear 
behavior of a full scale 16PTB24 specimen with minimal vertical and horizontal shear 
reinforcement. A two stage pour was used to maximize initial prestress forces and create 
a cold joint that was more susceptible to horizontal shear. The main objective of 
longitudinal testing was to determine if the girder behaved as designed in the middle third 
of the member, which has zero vertical or horizontal shear reinforcement.  
 
Transverse behavior was also investigated to verify the behavior of the post-tensioned 
connection and determine the adequacy of a welded connection for the proposed PTB 
system. This is mostly of concern as the section width increases, creating a maximum 63 
percent longer flange overhang than similar width double tees. As such, evaluation of 
system behavior was based on 16 ft wide members so that the results could be applicable 
to sections of shorter width. Design variables such as flange reinforcement were kept the 
same so that the post-tensioned and welded connections had a single variable for 
comparison. The objective of the transverse testing was to verify the mode of load 
transfer developed by the connection, as well as the joint’s resistance to leakage over a 
lifetime of service conditions 
. 
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3.2 LONGITUDINAL SPECIMEN TESTING 
3.2.1 Construction 
A 60 ft span specimen for flexure and shear testing was made possible by Coreslab 
Structures, Inc. of Omaha, Ne. All reinforcement and the first stage of casting were 
generously provided by Coreslab Structures, Inc. The University of Nebraska was 
responsible for providing the Styrofoam used to form the interior void and construction  
of the stage two pour. A two stage pour was utilized in order to better understand the 
horizontal interface shear of a composite section, as well as initial prestressing of the 
section without a 16 ft top flange. Exclusion of the top flange during initial prestress 
reduces the section's resistance to top tensile forces.  
 
Details representing a simplified version of the bottom flange and webs for the final 
design shown in Figure 2.18 were provided to Coreslab Structures, Inc. and can be 
viewed in Appendix F. Differences between the two sections include the use of 
chamfered corners instead of a smooth radius along the outside of the member, as well as 
the dimensions for the interior void. Two locations for lifting inserts were designated 
along the member. The lifting inserts located 2 ft and 3 ft from either end of the member 
were supplied for use by Coreslab Structures, Inc. The lifting inserts located 13 ft 6 in. 
from either end were necessary for the specimen to be lifted at the Peter Kiewit Institute 
(PKI) structures laboratory. Do to the overhang associated with picking the member up at 
those locations, a 25 kip jacking force was specified in the top strands of the section. 
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Figure 3.1 to Figure 3.3 show the stage one formwork and pouring of the 60 ft specimen 
at Coreslab Structures, Inc. Transportation of the specimen to the PKI structures 
laboratory can be viewed in Figure 3.4 and Figure 3.5. The beam was set on temporary 4 
in. x 6 in. wooden bearings until the top flange was cast.  
 
 
Figure 3.1 End view of stage one formwork at Coreslab Structures, Inc. 
 
 
Figure 3.2 Top view of stage one formwork at Coreslab Structures, Inc. 
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Figure 3.3 Stage one pour at Coreslab Structures, Inc. 
 
 
Figure 3.4 Transportation of stage one section of 60 ft specimen to PKI 
 
 
Figure 3.5 Lifting stage one section of 60 ft specimen  
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As seen in Figure 3.6, the lifting inserts provided for handling the stage one section of the 
60 ft specimen at the PKI structures laboratory experienced significant inward bending. 
This bending caused damage that would not have occurred if the specimen was lifted by 
two pairs of chains that could isolate each of the 4 lifting points. Unfortunately, only a 
single pair of chains with the necessary capacity and length was available, meaning the 
lifting inserts on either side of the member were connected by looping a chain in a 
triangle through the lifting inserts. Figure 3.7 represents the typical damage found at each 
of these lifting points. None of the damage was considered to impact the section’s 
longitudinal behavior. Any loose or broken concrete was removed and a bonding agent 
for precast and fresh concrete was applied before the stage two pour.  
 
 
Figure 3.6 Bending of lifting inserts 
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Figure 3.7 Typical damage at location of lifting inserts 
 
Another issue with regard to the stage one section of the 60 ft specimen had to do with 
the original specifications to Coreslab Structures, Inc. detailing no horizontal shear 
reinforcement on one side of the member. This specification was made based on an initial 
desire to determine the horizontal shear capacity of a cold joint with roughened surface, a 
situation which may occur when using a two stage pour to create the interior void. This 
idea was scrapped after stage one of the construction process and modified by drilling 
into the precast section and adding horizontal reinforcement using the Hilti manufactured 
HIT HY-150 Adhesive Anchor System with Grade 60 rebar. The bar size and spacing of 
the rebar matched the horizontal reinforcing provided on the other side of the member. 
An embedment of 2.75 in. was chosen based on Hilti design charts. The procedure used 
to apply the adhesive anchors was done according to Hilti specifications and 
demonstrated by Coreslab Structures, Inc. to UNL personnel. The actual process took 
place at the PKI structures laboratory by graduate students. Holes were drilled into the 
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precast specimen and cleaned thoroughly with air pressure before the HIT HY-150 was 
dispensed into the holes and the Grade 60 rebar was slowly twisted into place so as to 
eliminate any air bubbles. The anchors were undisturbed for a minimum of 20 minutes 
while the adhesive hardened. The addition of the adhesive anchors is visible in Figure 
3.8. 
 
 
Figure 3.8 Post-installed horizontal reinforcement 
 
Several dimensions of the top flange for the stage two pour were modified as a means to 
limit labor and cost of formwork. These changes can be viewed in Figure 3.9. The 2 in. 
change in length of the flange overhang was considered insignificant due to the additional 
weight gained by the change in the flange slope. Formwork for the stage two pour of the 
16 ft wide topping can as seen in Figure 3.10 and Figure 3.11. Plastic chairs were used to 
support the 4 in. x 4 in. W4 х W4 mesh for both the top and bottom layer. The mesh came 
in sheets 8 ft wide x 20 ft long, which were cut to sizes of 8 ft x 15 ft 6 in. and 8 ft x 4 ft 
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6 in. This was done to reduce the amount of mesh required for the specimen by using a 
single sheet for the top and bottom layers of reinforcement. Two grids of the mesh were 
overlapped at adjacent segments. Proper sizes for the mesh are shown in Figure 2.24 of 
the final section design. Chairs were spaced every 4 ft, as recommended by Drake-
Williams Steel, Inc. of Omaha, Ne. The only issue encountered while placing the flange 
reinforcement was warping of the mesh. This is less likely to be an issue at an actual 
precast plant.  
 
 
Figure 3.9 Stage two details 
 
 
Figure 3.10 End view of stage two formwork 
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Figure 3.11 Top view of stage two formwork 
 
In order to accommodate testing of the specimen in the PKI structures laboratory, block 
outs had to be placed throughout the specimen flange at the locations to be tested. The 
spacing of these block outs was determined based on the grid of locations where threaded 
rods can be inserted in the lab floor. Threaded rods are necessary for the test frame setup 
and will be mentioned further in the following section. The maximum spacing allowed 
for such a wide specimen with a threaded rod setup in the PKI structures lab is 10 ft, thus 
block outs were placed at 5 ft on either side of the specimen centerline. Block outs were 
placed at the midpoint of the 60 ft span and 6 ft from each end so that the section could 
be tested in flexure at the center and shear at each end of the member. Block outs were 
also placed 4 ft from each end of the specimen and abutting the stage one pour. These 
block outs were placed so that a chain could be wrapped around the specimen and 
through a 6 in. diameter pipe that would bear against the bottom flange of the specimen 
during lifting. For clarification of block out locations, see Figure 3.12. 
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Figure 3.12 Block out locations 
 
A multivibe concrete vibrator with accompanying 18 ft long screed bar was rented from 
Carroll Construction Supply in Elkhorn, Ne. to help with the stage two pour. The 
specimen was arranged in the lab so that a concrete truck could pull alongside the 
member and place concrete at the center of the section. The concrete used was a rapid 
setting self-consolidating mix with a specified strength of 8 ksi. Two truckloads of 8 yd3 
were necessary to complete the stage two pour. The first truck had a spread of 22 in. and 
1 day strength of 6 ksi. Spread for the second truck was not measured, but visually 
greater than the first truck. The 1 day strength for this mix was 5 ksi.  
 
A curing agent was sprayed over the stage two pour in order to prevent the development 
of shrinkage cracks. However, due to the extremely fast setting time of the mix and 
weather conditions on the day of the pour, excessive surface shrinkage cracks did occur. 
A portion of these cracks were highlighted and photographed to provide a typical 
representation of cracking along the member. All cracks were less than 0.25 in. wide. 
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Figure 3.13 Shrinkage cracks along member (highlighted for visibility) 
 
Formwork not contributing to the structural integrity of the specimen was removed on the 
2nd day of curing. By day 3 the mix had surpassed its specified strength and removal of 
the remaining formwork began. This formwork was removed without issue. Pictures of 
the stage two pour and formwork removal are given in Figure 3.14 through Figure 3.20. 
The plywood for the flange base was not fully removed until the specimen was set on its 
final supports. 
 
 
Figure 3.14 Concrete truck for stage two pour 
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Figure 3.15 Stage two pour 
 
 
Figure 3.16 Leveling of stage two pour 
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Figure 3.17 Finished surface of stage two pour 
 
 
Figure 3.18 Removal of formwork edges 
 
 
Figure 3.19 Removal of flange supports 
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Figure 3.20 Removal of flange formwork 
 
Instead of using the previous method discussed to lift the specimen onto its final 
supports, the four lifting inserts located 2 ft and 3 ft from both ends of the member were 
used (See Appendix F). The specimen was lifted one side at a time onto two side-by-side 
cubic foot concrete blocks. The total distance lifted was 3 ft off the ground, however at 
no point was one side higher than the other by more than 1 ft. Since the specimen had to 
be shifted sideways, a low-friction Teflon bearing pad was used to allow for horizontal 
movement without affecting the supports or causing undue stress to the section. No issues 
were encountered during this process. The final bearing materials for the member were a 
12 in. x 28 in. x 2 in. plate atop a 4 in. x 36 in. x 4 in. roller support. Figure 3.21 and 
Figure 3.22 represent the temporary solution for bearing as the member was lifted, as 
well as the final conditions once the member was high enough off the ground to be placed 
on its final supports.  
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Figure 3.21 Temporary concrete block bearings 
 
 
Figure 3.22 Girder placement on final supports 
 
3.2.2 Setup 
The flexural setup for the specimen can be viewed in Figure 3.23 to Figure 3.25. Four 
point loads were used to reduce shear at the midspan of the specimen. This became 
necessary since the beam was designed for distributed loads, thereby eliminating vertical 
or horizontal shear reinforcement in the middle 3rd of the specimen. Threaded rods were 
used to support the main beam which held the jack for loading. Floor inserts for these 
rods were available in 5 ft increments about the specimen centerline. As such, a 10 ft 
81 
spacing between rods was used based on the maximum span of beam available to support 
the jack. 
 
 
Figure 3.23 Transverse view of flexural setup 
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Figure 3.25 Lab view of flexural setup 
 
The shear setup for the specimen is shown in Figure 3.26 to Figure 3.28. The side of the 
specimen cast with horizontal shear reinforcement was tested first. An additional concrete 
support with a 12 in. x 36 in. x 1 in. bearing plate was used as a support located 8 ft past 
the edge previously tested during the second shear test. A distance of 6 ft from the edge 
was chosen for the shear test due to lab constraints of the threaded rods used in the 
specimen setup. Spacing of the threaded rods along the specimen length was in 3 ft 
increments and centered about the girder midspan to allow for the flexural test setup. This 
meant shear testing could be located at either 3 ft or 6 ft from the specimen edge. 6 ft was 
chosen based on concerns for tolerance of the test setup. 
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Figure 3.26 Transverse view of shear setup
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Figure 3.28 Lab view of shear setup 
 
3.2.3 Loading 
The loads for testing were determined in order to monitor the section response at its un-
factored service load and factored demand load conditions. Loads for flexural testing 
were based on developing the same maximum moment as produced by a distributed load 
with the 4 point load setup given in Figure 3.24. The approximate weight of the flexural 
test frame was also taken into consideration (9.4 kip). This is not the case for the shear 
test frame setup.  
 
Flexural and shear capacities for the test specimen differed slightly from the design given 
in Section 2.2.4 due to a higher strength of concrete for the flange and various changes in 
section dimensions. No safety factors were used when calculating test loads. Shear 
capacity was determined based on ACI 318-08 equations 11-10 and 11-12. The shorter 
span of the second shear test was accounted for in these calculations. A summary of loads 
applied for each test can be found in Table 3.1 through Table 3.3. Calculations for the test 
specimen's capacity are given in Appendix G. 
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Table 3.1 Applied loads for flexural test 
 
 
Table 3.2 Applied loads for shear test with precast horizontal shear reinforcement 
 
 
Table 3.3 Applied loads for shear test with post-installed horizontal shear reinforcement 
 
 
3.2.4 Instrumentation 
During the flexural test, 10 strain gages were used to monitor the distribution of strain at 
the top flange, web, and bottom flange. Locations and identification of these strain gages 
can be viewed in Figure 3.29. The first letter of the identification for the strain gages 
*Applied Total Equivalent
superimposed moment total load
 load (wt  included) (wt  included)
lb kip-ft psf
27917 885 129
57872 1222 175
84717 1524 219
Un-factored service
Factored demand
Theoretical capacity
Applied Total Equivalent
superimposed shear total load
 load (wt  included) (wt  included)
lb kip psf
24674 59 129
48451 80 175
60344 91 204
Un-factored service
Factored demand
Theoretical capacity
Applied Total Equivalent
superimposed shear total load
 load (wt  included) (wt  included)
lb kip psf
39229 59 129
64196 80 175
74466 89 200
Un-factored service
Factored demand
Theoretical capacity
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refers to the West or East side of the member. The following letters are an abbreviation of 
the strain gage's location (top flange, top web, chamfer, web, or bottom flange). 
Additionally, two deflection gages were attached to the bottom flange of the specimen in 
order to determine deflection due to the applied load. Only one deflection gage was used 
beneath the load during each of the shear tests. No strain was monitored for shear either; 
however, strand slippage was recorded for the strands identified in Figure 3.30. The first 
letter refers to the West, center, or East location of the strand, while the second letter is 
short for strand. 
 
 
 
Figure 3.29 Locations of flexural test strain gages 
 
 
Figure 3.30 Strands monitored for slippage 
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3.2.5 Results 
The stage one section of the 60 ft specimen arrived from Coreslab Structures, Inc. 
without any indication of top or end zone cracking due to initial prestress. A camber of 
2.5 in. was measured at the girder’s midspan. After deck placement, this measurement 
changed to a downward deflection of 1.75 in. The cause of this extreme change is 
attributed to the sudden impact of removing formwork supporting the flange. Deflection 
after deck placement would not have been so large if steps had been taken to gradually 
remove the flange shoring.  
 
A summary of all applied loads and corresponding safety factors for the flexural test are 
available in Table 3.4. A plot of the total moment versus deflection for the flexural test 
can be viewed in Figure 3.31. The graph starts at the midspan moment and deflection 
contributed by the weight of the member. One of the two deflection gages used to 
monitor the flexural test was disturbed during the test, thus skewing its results. As such, 
only the results for the undisturbed deflection gage are presented. Deflection appears to 
increase linearly from 1.75 in. to 2.40 in. as the load increased to a total un-factored 
service moment of 885 kip-ft. From then on, the deflection increased exponentially to 
approximately 10.6 in. A residual deflection of 2 in. remained after the applied load was 
released.  
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Table 3.4 Applied loads and safety factors for flexural test 
 
 
 
Figure 3.31 Flexural test total moment vs. deflection curve (including weight) 
 
Additional results for the flexural test are given in Figure 3.32. Microstrain was plotted 
against total moment in order to show the progression of tensile strain along the height of 
the member. Strain gages at the web and bottom flange of the West side malfunctioned 
*Applied Total Equivalent Factor
superimposed moment total load of
 load (wt  included) (wt  included) safety
lb kip-ft psf n/a
27917 885 129 n/a
57872 1222 175 n/a
84717 1524 219 1.25
102453 1583 227 1.30
*Includes approximate weight of test 
frame (9400 lbs)
Un-factored service
Factored demand
Theoretical capacity
Testing capacity
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before the test began, therefore data from those locations was not collected. It can be seen 
from the chart that tension stayed below the midpoint of the web until the member was 
close to reaching its un-factored service moment conditions. After which, tension 
increases dramatically in the bottom flange and web, however stays consistent in the 
chamfer and top flange until failure. Failure was deemed as the section surpassing its 
theoretical capacity and the member showing signs of extreme stress.  
 
 
Figure 3.32 Flexural test microstrain vs. total moment (including weight) 
 
Flexural cracking started to occur over the middle third of the specimen at a moment of 
910 kip-ft (corresponding to the marked 30 kip applied load in Figure 3.33). Cracks were 
marked by hand until a total moment of 1080 kip-ft (or 40 kip applied load), at which 
several of the cracks had extended above the mid-height of the member. Flexural shear 
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cracks began to develop as the member approached its theoretical capacity of 1524 kip-ft 
(Figure 3.34).  
 
 
Figure 3.33 Flexure cracks for flexure test 
 
 
Figure 3.34 Flexure shear cracks for flexure test 
 
As mentioned in the section on instrumentation, no strain gage data was gathered for 
either of the two shear tests. The side with precast horizontal shear reinforcement was 
tested first and as such had a 60 ft span. A summary of applied loads and corresponding 
safety factors for this test are available in Table 3.5. Shear cracking was not visible until 
reaching a total shear of 84.4 kip. This corresponds with slippage of the middle 
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prestressing strand. All strands had slipped by a total shear load of 131 kips. Slippage was 
uniform across the member width. Figure 3.35 marks the slippage as 0.15 in., however 
this is just the limit of the gage. Actual measurement of the slippage was 2.25 in. It also 
appeared that the top strands had begun to slip by the time the load was removed. 
Additionally, all strands were exposed at the bottom flange and crushing of the top flange 
beneath the load was apparent. None of the stirrups showed signs of breakage. Pictures of 
the failure for this shear test are available in Figure 3.36 through Figure 3.41. Deflection 
beneath the load is given in Figure 3.42. The graph appears to be linear up to a total 
deflection of 0.40 in. 
 
Table 3.5 Applied loads and safety factors for shear test with precast horizontal shear 
reinforcement 
 
 
Applied Total Equivalent Factor
superimposed shear total load of
 load (wt  included) (wt  included) safety
lb kip psf n/a
24674 59 129 n/a
48451 80 175 n/a
60344 91 204 1.16
53973 85 191 1.09
105146 131 290 1.66
Un-factored service
Factored demand
Theoretical capacity
Actual capacity
Strand slippage
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Figure 3.35 Strand slip for side with precast horizontal shear reinforcement 
 
 
Figure 3.36 Flexure shear cracks on side with precast horizontal shear reinforcement 
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Figure 3.37 Strand bond failure of side with precast horizontal shear reinforcement 
 
 
Figure 3.38 Permanent deflection of side with precast horizontal shear reinforcement 
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Figure 3.39 Strand slip on side with precast horizontal shear reinforcement 
 
 
Figure 3.40 Marking strand slip on side with precast horizontal shear reinforcement 
 
 
Figure 3.41 Measuring strand slip on side with precast horizontal shear reinforcement 
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Figure 3.42 Deflection for side with precast horizontal shear reinforcement 
 
The shear test on the side with post-installed horizontal reinforcement was the final test 
for the 60 ft specimen. As mentioned in the test setup, a concrete block was placed under 
the specimen to create a span of 42 ft (Figure 3.43). This was necessary due to the 
damage caused by the prior shear failure. A summary of all applied loads and 
corresponding safety factors for the this test are available in Table 3.5. Shear cracking 
was not visible until reaching a total shear of 96.2 kip. This occurred slightly before 
slippage of the middle prestressing strand. All strands had slipped by a total shear load of 
138 kips. Slippage was uniform across the member width. Figure 3.44 marks the slippage 
as 0.68 in., however this is just the limit of the gage. Actual measurement of the slippage 
was 0.88 in. By this time, all strands were exposed at the bottom flange and crushing of 
the top flange beneath the load was apparent. Pictures of the failure for this shear test are 
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available in Figure 3.45 through Figure 3.47. Deflection beneath the load is given in 
Figure 3.48. The graph appears to be linear up to a total deflection of 0.40 in. 
 
Table 3.6 Applied loads and safety factors for shear test with post-installed horizontal 
shear reinforcement 
 
 
 
Figure 3.43 Additional support for side with post-installed horizontal shear reinforcement 
 
Applied Total Equivalent Factor
superimposed shear total load of
 load (wt  included) (wt  included) safety
lb kip psf n/a
39229 59 129 n/a
64196 80 175 n/a
74466 89 200 1.14
108184 118 262 1.50
130167 138 305 1.75
Un-factored service
Factored demand
Theoretical capacity
Actual capacity
Strand slippage
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Figure 3.44 Strand slip for side with post-installed horizontal shear reinforcement 
 
 
Figure 3.45 Flexure shear cracks on side with post-installed horizontal shear 
reinforcement 
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Figure 3.46 Strand bond failure of side with post-installed horizontal shear reinforcement 
 
 
Figure 3.47 Measuring strand slip on side with post-installed horizontal shear 
reinforcement 
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Figure 3.48 Deflection for side with post-installed horizontal shear reinforcement 
  
3.2.6 Analysis 
Theoretical calculations for the basis of this discussion are provided in Appendix G. A 
comparison of the anticipated camber, deflection after deck placement, and total 
deflection under un-factored service load conditions during the flexural test are provided 
in Table 3.7. Calculations are based on the long term multipliers found in Table 5.8.2 of 
the PCI Handbook, 7th Edition. Deck placement is considered a super imposed load since 
the flange is shored until the section is fully composite. All deflections were able to be 
predicted within a 20 percent margin of error. The limit for live load deflection is L/360 
(2 in.) and total deflection is L/240 (3 in.) under service conditions. Both of these criteria 
are met in the case of theoretical calculations and actual testing results. Deflection also 
appears to be linear within service conditions. Failure of the specimen during flexural 
testing was favorable in terms of gradual cracking and extreme ductility. Strain gage data 
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indicates that tension is linear up to service conditions. The omission of vertical and 
horizontal shear reinforcement for the middle third of the member appears to have no 
effect on the section's capacity. Additionally, the section's capacity was no more than 30 
percent greater than the factored demand load governing the girder's design. 
 
Table 3.7 Deflection comparison 
 
 
Results of the two shear tests vary for failure load, however behave similarly for 
deflection. The difference in failure load is understandable given the 18 ft difference in 
span for the two tests. Both shear tests failed due to strand slippage at a load close to the 
section’s theoretical capacity. Strand slippage coincided with a deflection of 0.24 in. and 
0.30 in. beneath the load. In both cases, load continued to be taken by the specimen after 
initial slippage and until deflection reached a total of 0.40 in. From this information, it 
can be inferred that had both tests been performed with a 60 ft span, then the section’s 
capacity would be no more than 30 percent greater than the factored demand loads 
governing the section’s design. It should also be noted that a gradual failure due to strand 
bond is considered favorable over a sudden shear failure. Lastly, no signs of horizontal 
shear failure were apparent during testing. 
 
Applied Total Total Percent
superimposed theoretical testing error
 load deflection deflection
lb kip psf %
n.a. 2.02 2.50 + 19.2%
n.a. -1.42 -1.75 + 18.8%
27917 -2.35 -2.53  7.2%
Camber
Deck placement
Un-factored service
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3.3 PHASE I TRANSVERSE TESTING 
Initial testing was performed on a simplified version of the proposed section in order to 
become familiar with the construction sequence and determine the best method of 
developing fixed behavior between the section’s flange and web. A single specimen was 
tested for both the post-tensioned and the welded connections. Each specimen consisted 
of two girders cast independently and connected in the transverse direction. 
 
3.3.1 Construction 
Specimen formwork was constructed at the University of Nebraska structural laboratory 
in Omaha, Nebraska. Formwork materials were bought at a local hardware store, while 
reinforcement and miscellaneous supplies were obtained from Drake Williams Steel and 
Stetson Building Products, also of Omaha. The specimen was simplified to just the flange 
of the proposed section and a concrete block at its base. The purpose of this block was to 
duplicate the fixed action between the interaction of the flange and web.  
 
The only difference between the first and second Phase I transverse specimens was the 
materials used for the transverse connection. Post-tensioning strand was acquired from 
DYWIDAG-Systems International USA Inc. of Bolingbrook, Illinois. Post-tensioning 
was designed to provide a minimum 120 ksi constant compression at the joint due to 
effective prestress. Tensile stress due to the member’s self-weight and all external forces 
was limited to 7.5f'c. , otherwise known as the allowable stress for an un-cracked 
section per ACI 318-08 Section 18.3.3 This corresponds to two 0.5 in. diameter strands. 
Note that this is a different design then that provided in the connection details of Figure 
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2.22. Results of the Phase I transverse tests explain why post-tensioning was increased to 
two 0.6 in. diameter strands. Other aspects of the details for Section 2.2.5 remain the 
same, such as strands being encased by a high density polyethylene (HDPE) sheathing. 
Two 4 in. x 8 in. by 3/4 in. plates were used with standard 0.5 in. diameter chucks for the 
post-tensioning anchorage. Each plate had two 5/8 in. diameter holes spaced horizontally 
at 2 in. and centered on the plate.  
 
Vector connectors for the welded specimen were provided by JVI, Inc. of Lincolnwood, 
Illinois. JVI, Inc donated the third (and current) iteration of vector connectors that has 
been manufactured by their company over the last 14 years. Instead of the typical 
stainless steel connectors found in most precast parking structures, the connectors used 
for the experimental program had a carbon coated finish. Stainless steel connectors have 
a greater capacity than carbon coated connectors; however, the capacity of the section is 
controlled by flexure at the base of the flange overhang, therefore the shear connection 
strength at the joint was not of concern. Additionally, equipment was readily available in 
the structures lab for welding a carbon coated connecter. The same was not true for 
stainless steel, which has a higher weld temperature than carbon coated steel. 
Both specimens have the dimensions and reinforcement shown in Figure 3.49. The 
dimension not shown is the specimen's 8 ft depth. Note that a flat duct and shear key are 
provided for the post-tensioned specimen and a JVI vector connector is provided for the 
welded specimen. Pictures of the two specimens during construction are viewable in 
Figure 3.50. Figure 3.51 is an up close look at the connection materials cast with each 
specimen. Figure 3.52 is an up close look at the connections before grout or sealant is 
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used to waterproof the joint (post-tensioning / welding of the connection has not yet 
occurred). Figure 3.53 shows the appearance of the joint with freshly placed grout or 
sealant. After time, both the grout and sealant fade to blend with the surrounding 
concrete; however, the texture of the grout provides a smoother and more discrete finish 
than the sealant. 
 
 
Figure 3.49 Phase I transverse test specimen details 
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Figure 3.50 Construction of Phase I post-tensioned girder (left) and welded girder (right) 
 
Figure 3.51 Post-tensioning duct (left) and vector connector (right) 
 
 
Figure 3.52 Connection prior to post-tensioning (left) or welding (right) of joint 
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Figure 3.53 Joint with freshly placed grout (left) and sealant (right)  
 
3.3.2 Setup 
The post-tensioned specimen setup can be viewed in Figure 3.54. The welded specimen 
setup is similar, except that the load was shifted to the joint edge so that forces were 
made to transfer by the connection (Figure 3.55). Due to the unbalanced conditions 
before the transverse connection was in place, both the post-tensioned and welded 
specimens experienced setup issues. These problems are relative to the connection 
method and therefore explained separately. 
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Figure 3.54 Phase I transverse specimen setup (post-tensioned) 
 
 
Figure 3.55 Phase I lab specimen setup (welded) 
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3.3.2.1 Post-tensioned specimen 
The individual girders for the post-tensioned specimen were initially set up with bottom 
supports and a single 2 x 4 bracing the shear key for both members. This 2 x 4 was 
parallel to the joint and braced by the test frame. The top support beams were 
purposefully left off the specimen so that the girders would remain free to move during 
post-tensioning. After placing both girders, it could be seen that the precast post-
tensioning ducts had an insignificant amount of misalignment between the two members. 
It should also be noted that the ducts exhibited signs of bent curvature across the 
transverse direction. This can be attributed to not enough chairs (or perhaps the shifting 
of chairs) beneath the duct as the specimen was cast. Neither condition affected the 
ability to push post-tensioning strands through the ducts. Furthermore, aspects such as 
duct placement and flexibility are not a reason for concern if members are produced in a 
controlled precast plant environment.  
 
Post-tensioning was snug tightened to 5 kips before the joint was cast with grout. This 
ensured that the gap between specimens was minimal, thereby limiting grout leakage. 
The 2 x 4 spanning beneath the shear key also prevented grout leakage, since a section of 
the shear key broke during placement of the second girder. This is less likely to occur 
with the proposed section, where the cross-section is balanced and professional 
contractors would be employed to align adjacent members. Nonetheless, protection of the 
shear key is referenced in Section 2.2.5. On a related note, details for the post-tensioned 
connection were modified to include a backer rod and sealant for the joint. Formwork on 
the underside of the shear key should not be necessary if the girders are aligned properly. 
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The actual grouting process went smoothly and without delay. As expected, the grout set 
quickly in the duct and did not extend the full transverse width of the specimen. After the 
grout had cured to its design strength, the 2 x 4 under the shear key was removed. 
 
While the specimen held after the initial removal of the 2 x 4 support, it eventually 
formed a thin crack extending from the bottom of the joint, following along the edge of 
the shear key, and coming within an inch of the top of the specimen. Despite this 
unanticipated development, testing was deemed able to continue since the crack did not 
extend the full depth of the joint. Additionally, the crack closed once the full compression 
force of the post-tensioning was applied. It is reasonable to conclude that this issue could 
have been prevented by using a cross-section which was balanced about its supports. This 
is consistent with the proposed section. Additionally, the top supports should have been 
placed before removing the 2 x 4 under the shear key. While restricted movement during 
post-tensioning would have remained a concern, a low friction bearing could have 
prevented friction losses at the specimen supports. Discussion stemming from this issue 
led to the addition of a low friction bearing as a specification for the transverse post-
tensioned connection. 
 
3.3.2.2 Welded specimen 
The individual girders for the welded specimen were initially set up similar to the post-
tensioned specimen; however, top supports were positioned immediately. A 1/4 in. gap 
was maintained between the two members. In order to meet JVI recommendations for 
111 
welding the connection, it was determined that the height of the specimen flanges had to 
be adjusted.  
 
Three of the four corners for the joint were lifted by hand using a crow bar and supported 
by a 2 x 4 placed perpendicular to the flange. The final corner could not be lifted in the 
same manner, so a fork lift was used to slowly apply pressure. Unfortunately, while 
pressure was controlled to an extent – a sudden increase in the applied force resulted in 
positive moment to a section designed specifically for negative moment alone. A crack 
developed that extended the full thickness of the flange and spread in a 6 ft arc about the 
corner which was lifted. At the same time, the mesh in this region became permanently 
bent, thus making it impossible to level the full length of the joint. Testing for the 
specimen continued since the crack did not indicate a failure hindering the section’s 
negative moment capacity. Additionally, the flanges were level at the location of the 
weld, so all specifications for the weld procedure were met. The welding procedure was 
based on JVI recommendations for a JVI Vector Connector-3. 
 
After the specimen was welded together and the joint closed with polyurethane sealant, 
the vertically placed 2 x 4s at the flange corners were removed. Lastly, the 2 x 4 under 
the joint was released, causing both members to drop 1.5 in. at the joint. This corresponds 
to the nominal thickness of a 2 x 4. Reviewing conditions before and after the board was 
removed suggests that while the joint was level, the members were not. Top supports 
were re-tightened to account for any changes in the specimen’s bearing on its bottom 
supports. The specimen was also inspected for damage to the joint connection or 
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additional cracking to the flange, yet none was found. During testing, the joint behaved 
the same on either side of the eccentric force. 
 
3.3.3 Loading 
Loading for the post-tensioned and welded specimens was determined by finite element 
analysis similar to that described in Section 2.2.5. A point load representing the applied 
load from the actuator was placed at the joint for the flange to flange connection of the 
specimen, as shown in Figure 3.56. The load was moved off center of the joint for 
analysis of the welded specimen. This was done so that eccentric loading caused shear to 
be transferred by the connection instead of distributed evenly between the two adjacent 
flanges.  
 
 
Figure 3.56 SAP2000 3D model for Phase I transverse testing (post-tensioned) 
 
An iterative method of inputting point loads was used to determine the force of the 
applied load which caused similar service and demand load moments of a 16PTB24 
system on the two specimens (Refer to Table 2.7). These moments were measured at the 
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joint for the post-tensioned specimen and at the flange base for the welded specimen. The 
reason for this is that, ideally, no moments are present at the joint for a welded 
connection. As such, the welded connection is tested to determine if maximum service 
load moments at the flange base have any impact on the joint connection. Another 
consideration is that the joint controls the capacity for a post-tensioned connection, while 
the flange base controls the capacity for a welded connection. 
 
Testing for the impact of fatigue on the transverse connections was represented by 2 
million cycles of a load that caused similar moments to an un-factored live load of 50 psf. 
This force was found equal 0.23 kip/ft for the post-tensioned connection and 0.36 kip/ft 
for the welded connection. These values were multiplied by the specimen width of 8 ft to 
determine the total load for the specimen (1.84 kip and 2.88 kip). Unfortunately, two 
mistakes were made with regard to the welded connection. The load applied was 3.1 kip, 
which is based on 0.39 kip/ft multiplied by 8 ft. Additionally, the load should have been 
multiplied by the connection spacing of 5 ft instead of the specimen width – making the 
correct loading 1.8 kips. This is more reasonable when compared to the load for the post-
tensioned connection. The results of this error are discussed in the testing results.  
 
After determining the effect of fatigue on the connection, it was then intended to test each 
specimen for its factored demand load and ultimate capacity. Factored demand moments 
correspond to a 0.52 kip/ft load for the post-tensioned connection and a 0.65 kip/ft load 
for the welded connection. Since this load is meant to test the flange and not the joint, 
both are multiplied by 8 ft, which becomes 4.2 kip and 5.2 kip, respectively. Calculations 
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for ultimate capacity of the connections are provided in Appendix H. Capacities were 
calculated in moment and converted to a load using SAP2000 3D. These loads are 1.35 
kip/ft for the post-tensioned connection and 0.81 kip/ft for the welded connection. 
Multiplied by the specimen width, this is equivalent to 10.8 kip for the post-tensioned 
connection and 6.5 kip for the welded connection. 
 
3.3.4 Instrumentation 
Three strain gages were attached to each specimen along the length of the joint. The joint 
spanned East to West for both specimens. Identification of strain gages was based on the 
side where the gage was placed, North (N) or South (S), and followed by an indicator of 
where the gage was located along the length of the specimen, West (W) or East (E). No 
indicator was specified for strain gages located midway between the West and East edges 
of the joint.  
 
The purpose of strain gages was to measure the distribution of load to the outside and 
inside of the joint. Readings were taken from the strain gages at the start of fatigue 
loading. Additional readings were taken for the post-tensioned specimen after fatigue 
loading was complete and the connection’s ultimate capacity was tested. Cracking was 
monitored during fatigue testing by a water dam surrounding the joint; however, due to 
the damage sustained by the forklift mentioned in the previous section, the water damn 
was ineffective at holding water for the welded specimen. Deflection was also monitored 
at the center of the joint during testing for ultimate capacity of the post-tensioned 
connection.  
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3.3.5 Results 
Strain gage data recorded before fatigue loading of the post-tensioned specimen is shown 
in Figure 3.57, while data recorded after fatigue loading and during testing for ultimate 
capacity is available in Figure 3.58. Deflection at the center of the joint during ultimate 
capacity testing of the post-tensioned connection is given in Figure 3.59. It should be 
noted that the total load provided in both figures is approximated based on the actuator's 
rate of loading. Actual load data could not be recorded, therefore a trend line is provided 
to accompany deflection results. The change in deflection during fatigue testing of the 
post-tensioned specimen (as measured by the stroke of the actuator) was a constant 0.10 
in. Lastly, physical inspection of the crack at the shear key confirmed that the bottom of 
the joint was in tension under the applied service conditions. 
 
 
Figure 3.57 Initial strain for Phase I post-tensioned specimen 
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Figure 3.58 Final strain for Phase I post-tensioned specimen 
 
  
  Figure 3.59 Approximate load versus deflection of Phase I post-tensioned specimen  
 
Failure of the post-tensioned connection is shown in Figure 3.60 and Figure 3.61. Since 
the joint had already cracked before testing, failure is defined as cracking at the flange 
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base on either side of the joint. This occurred simultaneously with a compression failure 
at the joint. 
 
 
Figure 3.60 Crushing of joint for Phase I post-tensioned specimen 
 
 
Figure 3.61 Highlighted cracking at flange base for Phase I post-tensioned specimen 
 
Strain gage data before fatigue loading of the welded specimen is provided in Figure 
3.62. The incorrect service load of 3.1 kip resulted in excessive cracking 8 in. from the 
flange base on the side of the eccentric load (Figure 3.63). Continued application of this 
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force resulted in a widening of the gap until full failure occurred, as seen in Figure 3.64. 
Inspection of the upper layer of reinforcement showed that the mesh was 1 1/2 in. below 
the depth it should have been placed. Capacity of the section for this situation is then 0.39 
kip/ft or 3.1 kip at a location of 8 in. from the flange base, where bottom reinforcement 
stops. 
 
 
Figure 3.62 Initial strain for Phase I welded specimen 
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Figure 3.63 Cracking near flange base of Phase I welded specimen 
 
 
Figure 3.64 Failure of Phase I welded specimen 
 
3.3.6 Analysis 
Several lessons were learned during the construction and setup of the Phase I transverse 
specimens. These lessons are summarized as follows: 
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• Special care should be taken with regard to placement of materials for the 
transverse connection. This includes both the flat duct for the post-tensioned 
connection and the JVI vector connector for the welded connection. It is not, 
however, thought to be an issue for production in a precast plant setting.  
• Beams should be balanced and/or fully secured before either type of transverse 
connection is made. Again, this should not be an issue for contractors familiar 
with the erection of precast structures. 
• Protection of the shear key is essential to simplifying the procedure for grouting a 
post-tensioned connection. While important from a construction standpoint, this is 
not considered a disadvantage of the post-tensioned connection in comparison to a 
welded connection. 
 
More important than these lessons are the conclusions which may be drawn from the 
Phase I transverse testing results. For starters, it was determined that tolerances of 
reinforcement depth for structural integrity of PTB members should be investigated. It 
was found that the only critical case for tolerances is a 16PTB24 with a welded 
connection. It meets ACI 318-08 Section 7.5.2.1; however, does not exceed the 
recommended 3/8 in. tolerance.  
 
When basing design calculations on the effective depth of steel for the two specimens, it 
was found that both specimens failed at the appropriate load. It also proves that moment 
was effectively transferred at the joint for the post-tensioned connection, while shear 
alone was transferred at the joint for the welded connection.  
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Analysis of the strain diagrams for the post-tensioned connection suggests that fatigue 
has zero effect on the connection's capacity. The same is true for initial behavior of a 
welded connection. While strain of the welded connection after fatigue loading is 
unavailable, it can be assumed to remain negligible since zero strain was developed at a 
service load based on a connection spacing of 5 ft (1.8 kip). Furthermore, there is little 
difference between the joint of the proposed system and current practice. Damage to 
either of the transverse connections is much more likely to occur from infiltration of 
environmental chemicals that cause the corrosion of steel. As such, the post-tensioned 
connection is much more resistant since post-tensioning is protected by a layer of grout 
and polyethylene sheathing. Protection for the welded connection is dependent on how 
well sealant bonds with the joint. This bond relies on the age of the sealant, a clean 
surface for the flange, and a thorough application of sealant by contractors. Grout that is 
flowable enough to span the entire joint would provide a significantly stronger and 
monolithic bond, especially when combined with the compression forces of post-
tensioning. The only improvement suggested for the post-tensioned connection is use of 
0.6 in. diameter strand over 0.5 in. diameter strand. This ensures that cracks formed by 
forces above un-factored service conditions remain in compression under service loads.  
 
3.4 PHASE II TRANSVERSE TESTING 
Testing of the post-tensioned connection was continued in order to determine the effect of 
increasing strands from 0.5 in. diameter to 0.6 in. diameter strand, as well as the inclusion 
of a low friction bearing during post-tensioning. Testing of the welded connection was 
continued to verify that reinforcement cast at the proper depth met the anticipated design 
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capacity. Specimen dimensions were changed to be more representative of the proposed 
section and prevent issues specific to the unbalanced cross-section of the Phase I 
transverse test specimens. 
 
3.4.1 Construction 
Coreslab Structures Inc. of Omaha, Ne played a significant role in the construction of the 
Phase II transverse test specimens. The specimens were cast using a two stage pour, of 
which the bottom flange and webs were formed by Coreslab Structures and later shipped 
to the University of Nebraska structural laboratory at the Peter Kiewit Institute (Figure 
3.65). Mesh for the top flange was also generously provided by Coreslab Structures. 
Flange formwork was simplified to a single slope in order to ease construction. The 
length of the flange was shortened from 6.5 ft to 6 ft so that the moment due to dead 
weight at the flange base was not increased by the change in flange dimensions.  
 
 
Figure 3.65 Stage one section of Phase II transverse specimen 
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As stated previously, post-tensioning for the Phase II transverse test specimen was 
increased to two 0.6 in. diameter strands. This corresponds to a minimum 150 ksi 
constant compression at the joint due to effective prestress and zero tensile stresses due to 
the member’s self-weight and externally applied loads. Anchorage was increased to two 4 
in. x 8 in. x 1.5 in. plates with standard 0.6 in. diameter chucks. Each plate had two 3/4 
in. diameter holes spaced horizontally at 2 in. and centered on the plate. Also considered 
a part of the post-tensioning materials, Figure 3.67 shows how 4 in. wide strips of Teflon 
were used to provide a low friction bearing surface for each girder.  
 
 
Figure 3.66 Teflon strips for low friction bearing surface 
 
No changes were made to the welded connection. Specimen dimensions and 
reinforcement are shown in Figure 3.67. The dimension not shown is the specimen's 8 ft 
depth. Note that a flat duct and shear key are provided for the post-tensioned specimen 
and a JVI vector connector is provided for the welded specimen. Pictures of the 
specimens before and after the top flanges were cast are available in Figure 3.68 through 
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Figure 3.71. Figure 3.72 shows how closely the grout for the post-tensioned specimen 
blended with the concrete used for the girder flanges. Figure 3.73 is a picture of the 
sealant used to waterproof the joint for the welded specimen. 
 
 
 
 
Figure 3.67 Phase II transverse test specimen details 
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Figure 3.68 Phase II post-tensioned girder construction 
 
 
Figure 3.69 Vector connector during construction 
 
 
Figure 3.70 Phase II post-tensioned girder after formwork removal 
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Figure 3.71 Vector connector after formwork removal 
 
 
Figure 3.72 Grouted joint for Phase II post-tensioned specimen 
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Figure 3.73 Sealant for Phase II welded specimen 
 
3.4.2 Setup 
The post-tensioned specimen setup can be viewed in Figure 3.74. Note that the load was 
shifted to the joint edge so that forces were made to transfer by the connection. No 
problems were encountered during the specimen setup. Furthermore, alignment of the flat 
duct was improved and exhibited less curvature than the specimen for the Phase I 
transverse testing. Post-tensioning was once again jacked to 5 kips before the joint was 
grouted. This kept the girders stable while the joint was grouted and until the full post-
tensioning forces could be applied. The welded connection had a similar setup and no 
issues were encountered either. 
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Figure 3.74 Phase II transverse specimen setup  
 
3.4.3 Loading 
Loading for the Phase II transverse post-tensioned and welded specimens was determined 
by finite element analysis similar to that described in Section 2.2.5. A point load 
representing the applied load from the actuator was placed off center of the joint for the 
flange to flange connection of the specimen, as shown in Figure 3.75.  
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Figure 3.75 SAP2000 3D model for Phase II transverse test specimen 
 
An iterative method of inputting point loads was used to determine the force of the 
applied load which caused similar service and demand load moments of a 16PTB24 
system on the two specimens (Refer to Table 2.7). These moments were measured at the 
joint. Testing for the impact of fatigue on the transverse connections was represented by 2 
million cycles of a load that caused similar moments to an un-factored live load of 50 psf. 
This force was found equal 0.21 kip/ft for the post-tensioned connection and 0.38 kip/ft 
for the welded connection. These values were multiplied by the connection spacing to 
determine the total load for the specimen (1.68 kip and 1.90 kip). 
 
After determining the effect of fatigue on the connections, both were tested for factored 
demand load conditions and ultimate capacity. Factored demand moments correspond to 
a 0.38 kip/ft load for the post-tensioned connection and a 0.64 kip/ft load for the welded 
connection. Since this load is meant to test the flange and not the joint, both are 
multiplied by 8 ft, which becomes 3.04 kip and 5.12 kip, respectively. Calculations for 
ultimate capacity of the connections are provided in Appendix I. Capacities were 
calculated in moment and converted to a load using SAP2000 3D. These loads are 1.9 
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kip/ft for the post-tensioned connection and 1.03 kip/ft for the welded connection. 
Multiplied by the specimen width, this is equivalent to 15.2 kip for the post-tensioned 
connection and 8.24 kip for the welded connection. 
 
3.4.4 Instrumentation 
Five strain gages were attached to the Phase II transverse specimens. The joint spanned 
East to West for both specimens. Identification of strain gages was based on the side 
where the gage was placed, North (N) or South (S), and followed by an indicator of 
where the gage was located along the length of the specimen, West (W) or East (E). No 
indicator was specified for strain gages located midway between the West and East edges 
of the joint.  
 
The purpose of strain gages was to measure the distribution of load to the outside and 
inside of the joint. Readings were taken from the strain gages during post-tensioning and 
at the start of fatigue loading for both specimens. Lateral displacement of the beams was 
also recorded during post-tensioning. Additional readings were taken from the strain 
gages after fatigue loading was complete and the connection’s ultimate capacity was 
tested. Cracking was monitored during fatigue testing by a water dam surrounding the 
joint. Finally, deflection was monitored at the center of the joint during testing for 
ultimate capacity.  
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3.4.5 Results 
The purpose of Figure 3.76 and Figure 3.77 is to show the maximum lateral displacement 
due to post-tensioning and the trend of strain distribution along the joint as post-
tensioning was applied. Strain gage data recorded before fatigue loading of the post-
tensioned specimen is shown in Figure 3.78, while data recorded after fatigue loading and 
during testing for ultimate capacity is available in Figure 3.79. Deflection at the center of 
the joint during ultimate capacity testing of the post-tensioned connection is given in 
Figure 3.80. It should be noted that the total load provided in both figures is 
approximated based on the actuator's rate of loading. Actual load data could not be 
recorded. No change in deflection was recorded by the actuator during fatigue testing of 
the post-tensioned specimen.. 
 
 
 
Figure 3.76 Lateral displacement during post-tensioning 
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Figure 3.77 Map of strain change during post-tensioning 
 
 
Figure 3.78 Initial strain for Phase II post-tensioned specimen 
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Figure 3.79 Final strain for Phase II post-tensioned specimen 
 
 
Figure 3.80 Approximate load versus deflection of Phase II post-tensioned specimen  
 
Failure of the post-tensioned connection is shown in Figure 3.60 and Figure 3.61. Failure 
was marked by simultaneous cracking of the joint and flange base. The size of the crack 
at the flange base was approximately 0.005 in. thick. 
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Figure 3.81 Cracking at top of joint for Phase II post-tensioned specimen 
 
 
Figure 3.82 Cracking at bottom of joint for Phase II post-tensioned specimen 
 
 
Figure 3.83 Cracking at flange base for Phase II post-tensioned specimen 
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Strain gage data before fatigue loading of the welded specimen is provided in Figure 
3.84. While the load applied for fatigue was correct, the conversion of a distributed load 
to an eccentric point load caused shear on the welded connection that ultimately caused a 
failure of the concrete at the location of the vectored connector (Figure 3.85). This 
occurred after approximately 4000 cycles of loading. During this time, the silicone 
sealant appeared to have adequate flexibility to maintain a waterproof joint (Figure 3.86). 
Once part of the sealant failed, however, further deterioration spread rapidly (Figure 
3.87). Fatigue testing was discontinued and the specimen was then tested for ultimate 
capacity. No cracking was visible to the specimen and the transverse weld was intact, so 
capacity testing was continued for the purpose of gathering strain and deflection readings. 
Strain gage data recorded after fatigue loading and during testing for ultimate capacity is 
available in Figure 3.88. Deflection at the center of the joint during ultimate capacity 
testing of the welded connection is given in Figure 3.89. 
 
 
Figure 3.84 Initial strain for Phase II welded specimen 
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   Figure 3.85 Concrete failure at vector connector for Phase II welded specimen 
 
      
   Figure 3.86 Sealant flexibility for Phase II welded specimen 
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   Figure 3.87 Deterioration of sealant for Phase II welded specimen 
 
 
Figure 3.88 Final strain for Phase II welded specimen 
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Figure 3.89 Approximate load versus deflection of Phase II welded specimen  
 
Failure of the welded connection is shown in Figure 3.90. Failure was marked by the 
propagation of cracking at the flange base on either side of the load. The specimen was 
also no longer able to hold a constant deflection under a given applied load. The first 
cracks to form corresponded to the specimen's factored demand load. Cracks then 
extended outward from the flange base as the specimen neared its theoretical design 
capacity. A single crack on the side of the eccentric load had a thickness of 0.013 in.; 
however, the majority of cracking was approximately 0.007 in. thick. 
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Figure 3.90 Cracking at the flange base for Phase II welded specimen 
 
A comparison of the load versus deflection curves for the Phase I and Phase II transverse 
test specimens is provided in Figure 3.91 
 
 
Figure 3.91 Comparison of Phase II transverse test specimens 
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3.4.6 Analysis 
Analysis of the post-tensioned connection for Phase II transverse testing is similar to the 
results of the Phase I transverse test. The main difference is that deflection is not recorded 
at the joint until the specimen approaches failure. Since failure is well beyond the 
demand load for the connection, this means floor vibration is close to imperceptible. 
Analysis of the strain diagrams for the post-tensioned connection suggests that fatigue 
has zero effect on the connection's capacity. Furthermore, the amount of damage to the 
flange at failure is minimal compared to the deflection experienced at the joint. This 
increases the odds that damage will be inspected and repaired before the system's 
structural integrity becomes an issue. 
  
Although fatigue testing for the welded connection does not adequately represent the 
connection's capacity under uniform service loads, several conclusions may still be drawn 
based on the specimen's results. Firstly, the joint experiences zero strain loss under 
fatigue loading since strain is not developed in the connection until factored demand 
loads are exceeded. Secondly, any strain to the joint is concentrated at the location of the 
connection. This contributes to the rapid deterioration of the joint between vector 
connectors once the sealant fails. Furthermore, while silicone sealant is waterproof and 
flexible - this does not increase its resilience to adhesion, cohesion, substrate, and loss of 
sealant property failures. 
 
Additional analysis of the welded connection suggests that the joint follows the same 
load versus deflection curve as the post-tensioned connection - only deflection is 
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immediate upon loading. Deflection under services live load is approximately 0.10 in., 
which is well within the limits of ACI 318-08. The only area of concern for failure is 
extensive cracking to the flange, which places the system at a higher risk for infiltration 
of corrosive salts and chemicals. This is most likely a direct result of the section's flexural 
capacity depending on both the upper and lower layer of flange reinforcement. Other than 
being visually unappealing, however, this cracking is not a major concern. The 
thicknesses of the cracks are generally less than 0.007 in. and their spread is limited 
below factored demand load conditions. 
 
4.0 CONCLUSIONS 
Testing of the proposed pre-topped box beam indicate excellent behavior in both the 
longitudinal and transverse directions. Despite the omission of shear reinforcement in the 
middle 3rd of a 60 ft span specimen, flexural cracks did not develop until total moment 
had surpassed un-factored service load conditions. While flexural shear cracks in the zone 
of zero shear reinforcement were apparent as the member approached its theoretical 
capacity, the actual failure mode was considered excessive deflection once theoretical 
capacity had been met. Shear failure for the proposed section is also mild since failure is 
due to strand slip. In this case, shear cracking was not visible until loads represented 
factored demand conditions. 
 
Analysis of transverse behavior is just as favorable as longitudinal behavior. Both the 
post-tensioned and welded connections were deemed adequate; however, preference is 
given to the post-tensioned connection. This is based on a lower dependence of 
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reinforcement depth to achieve structural capacity, monolithic behavior of the joint, 
imperceptible floor vibration up to demand load conditions, higher resistance to 
environmental chemicals and salts, and reduced long term maintenance. The number of 
connections when using post-tensioning is 2/3 that required for a welded connection, not 
to mention the benefit of threading post-tensioning strands during construction versus 
welding each flange connection independently. Welding connections is difficult due to the 
small area in which welders are expected to navigate – approximately 1 in. x 6 in.  
 
Sealant for the welded connection is also less reliable than grout. The life expectancy of 
sealant is 7-10 years with isolated leaks and failures. The main problem with sealant is 
that too many factors contribute to its effectiveness (clean surface, age, temperature, 
tooling, support while setting, mixing of components, etc.). This is further complicated 
by the issue of who is responsible for the joint once sealant has deteriorated and 
environmental chemicals and salts have corroded the welded connection. It could be the 
contractors who welded the connections, applied the sealant, or installed the precast. 
Typically it falls on the precaster in charge of the project, although the failures have little 
to do with the actual precast elements.  
 
Grout involved with a post-tensioned connection appears to be the perfect solution to 
joint deterioration. After 2 million cycles of fatigue loading, the post-tensioned joint 
exhibited zero deflection under service loads and an insignificant change to strain along 
the joint. No cracking or leakage was observed. This is because a grouted joint provides 
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monolithic and continuous behavior. The polyethylene coating on the post-tensioning 
strands also makes it a more corrosion resistant connection.  
 
To summarize, the proposed pre-topped box girder offers: 
• A cost-competitive alternative to double tees 
• Superior structural behavior (large effective “d” and torsional strength) 
• Transverse stability during installation with the proposed details 
• A two stage casting procedure (tub and top flange) for ease of production and 
versatility in application 
• Superior composite behavior between webs and top flange if made in two stages 
• A single stage casting procedure with self-consolidating concrete and re-usable 
steel void forms 
• Only one bearing at the ends (compared to two bearings for DT) 
• Significantly more aesthetic appeal and improved lighting 
• A perception of higher ceiling than with double tee systems 
• A hybrid system of a tub girder and cast-in-place flange if desired 
 
Advantages to the overall system for the proposed precast parking structure include: 
• Exterior, expensive spandrel beams are replaced with attractive walls with corbels  
• Interior supports are simplified as a single bearing with up to 16 ft spacing 
(compared to the maximum 8 ft spacing for double tees) 
• The typically required (and expensive) shear walls for lateral load resistance are 
eliminated 
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• Improved floor vibration characteristics due to the stiffer system 
 
And lastly, transversely post-tensioning the proposed precast parking structure provides:  
• Superior joint performance compared to welded connections 
• Residual compression that prevents cracking of the garage deck 
• Monolithic behavior of joints 
• Reduced long term maintenance 
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APPENDIX A: REPORT NOTATION 
The following is a compilation of various notations used in this report. Note that where 
the definition is the same as ACI 318-05, (ACI) is included after the definition. Where the 
definition is the same as PCI Design Handbook, 7
th
 Edition, (PCI) is included after the 
definition. 
a = depth of equivalent rectangular stress block (ACI, PCI) 
A = cross-sectional area (PCI) 
Aps = area of prestressing steel in flexural tension zone (ACI, PCI) 
d = distance from extreme compression fiber to centroid of longitudinal tension 
reinforcement, but need not be less than 0.8h for prestressed components (ACI, PCI) 
DL = unit dead load of component (PCI) 
fps = stress in prestressed reinforcement at nominal strength of component (ACI, PCI) 
I = moment of inertia of section about centroidal axis (ACI, PCI) 
Mn = nominal flexural strength at section (ACI, PCI) 
Sb =section modulus with respect to the bottom fiber of a cross section (PCI) 
St =section modulus with respect to the top fiber of a cross section (PCI) 
wt = unit weight (PCI) 
V/S = volume-to-surface ratio (PCI) 
yb =distance from bottom fiber to center of gravity of section (PCI) 
yt =distance from top fiber to center of gravity of section (PCI) 
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APPENDIX B: DESIGN CALCULATIONS FOR 12PTB24 
B.1 FLEXURAL DESIGN 
 
Unspecified units in kips and inches
Solution based on following input and calculations:
∑ M 13411.98
∑ F 0.00
εcu 0.003
a 1.139
c 1.519
Design :
Flexural strength:
φ 0.90
φMn 12071 kip-in = 1005.9 kip-ft
Required strength:
970.3 k-ft => OK
R/C & P/C ACI
Calculate
( )
( )
9.05065.075.0  :AASHTO R/C
0.13/25075.175.0  :AASHTO P/C
9.03/25045.165.0  :ACI R/C & P/C
extreme
extreme
extreme
≤ε+=φ≤
≤ε+=φ≤
≤ε+=φ≤
B3 
 
Concrete layers:
f
'
c
a
b
a
t
a
1 6.000 120.000 4.625
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Concrete calculations:
d c  b 1 T upper T lower T revised β 1
1 0.570 0.750 0.000 4.625 1.139 615.311
2 4.625 0.850 4.625 4.625 0.000 0.000
3 4.625 0.850 4.625 4.625 0.000 0.000
4 4.625 0.850 4.625 4.625 0.000 0.000
5 4.625 0.850 4.625 4.625 0.000 0.000
6 4.625 0.850 4.625 4.625 0.000 0.000
7 4.625 0.850 4.625 4.625 0.000 0.000
∑ 615.311
f
'
cb 1T revised Area Force Mn
1 820.415 136.736 -697.353 -397.304
2 0.000 0.000 0.000 0.000
3 0.000 0.000 0.000 0.000
4 0.000 0.000 0.000 0.000
5 0.000 0.000 0.000 0.000
6 0.000 0.000 0.000 0.000
7 0.000 0.000 0.000 0.000
∑ 820.415
β 1ave
0.750
∑ ∑β=β
i i
ic
'
ci1c
'
cave1 )Af(/)Af(
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Steel layers:
Grade A si P e dsi
1 60
2 60
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270 0.434 20.25 8.250
13 270 2.17 162 22.000
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
23 270
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Steel calculations:
Es Q fpy R K
1 29000 0.0000 60 100 1.096
2 29000 0.0000 60 100 1.096
3 29000 0.0000 60 100 1.096
4 29000 0.0000 60 100 1.096
5 29000 0.0000 60 100 1.096
6 29000 0.0000 60 100 1.096
7 29000 0.0000 60 100 1.096
8 29000 0.0000 60 100 1.096
9 29000 0.0000 70 100 1.06
10 29000 0.0217 81 4.224 1.01
11 29000 0.0217 120 4.224 1.01
12 28500 0.0310 243 7.36 1.043
13 28500 0.0310 243 7.36 1.043
14 28500 0.0310 243 7.36 1.043
15 28500 0.0310 243 7.36 1.043
16 28500 0.0310 243 7.36 1.043
17 28500 0.0310 243 7.36 1.043
18 28500 0.0310 243 7.36 1.043
19 28500 0.0310 243 7.36 1.043
20 28500 0.0310 243 7.36 1.043
21 28500 0.0310 243 7.36 1.043
22 28500 0.0310 243 7.36 1.043
23 28500 0.0310 243 7.36 1.043
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Steel calculations:
Modified Corresp.
εso ∆ε  Total εs Stress stress f
'
c
1 0.0000 0.0000 -0.0030 -60.00 -54.90 6.00
2 0.0000 0.0000 -0.0030 -60.00 -54.90 6.00
3 0.0000 0.0000 -0.0030 -60.00 -54.90 6.00
4 0.0000 0.0000 -0.0030 -60.00 -54.90 6.00
5 0.0000 0.0000 -0.0030 -60.00 -54.90 6.00
6 0.0000 0.0000 -0.0030 -60.00 -54.90 6.00
7 0.0000 0.0000 -0.0030 -60.00 -54.90 6.00
8 0.0000 0.0000 -0.0030 -60.00 -54.90 6.00
9 0.0000 0.0000 -0.0030 -70.00 -64.90 6.00
10 0.0000 0.0000 -0.0030 -71.79 -66.69 6.00
11 0.0000 0.0000 -0.0030 -82.67 -77.57 6.00
12 0.0007 0.0133 0.0140 256.80 256.80 0.00
13 0.0057 0.0404 0.0461 270.00 270.00 0.00
14 0.0000 0.0000 -0.0030 -85.50 -80.40 6.00
15 0.0000 0.0000 -0.0030 -85.50 -80.40 6.00
16 0.0000 0.0000 -0.0030 -85.50 -80.40 6.00
17 0.0000 0.0000 -0.0030 -85.50 -80.40 6.00
18 0.0000 0.0000 -0.0030 -85.50 -80.40 6.00
19 0.0000 0.0000 -0.0030 -85.50 -80.40 6.00
20 0.0000 0.0000 -0.0030 -85.50 -80.40 6.00
21 0.0000 0.0000 -0.0030 -85.50 -80.40 6.00
22 0.0000 0.0000 -0.0030 -85.50 -80.40 6.00
23 0.0000 0.0000 -0.0030 -85.50 -80.40 6.00
MAXIMUM ∆ε: 0.0404






+





−ε=ε
s
sei
cusi
E
f
1
c
d
B7 
 
Steel calculations:
Force Moment
1 0.00 0.00
2 0.00 0.00
3 0.00 0.00
4 0.00 0.00
5 0.00 0.00
6 0.00 0.00
7 0.00 0.00
8 0.00 0.00
9 0.00 0.00
10 0.00 0.00
11 0.00 0.00
12 111.45 919.48
13 585.90 12889.80
14 0.00 0.00
15 0.00 0.00
16 0.00 0.00
17 0.00 0.00
18 0.00 0.00
19 0.00 0.00
20 0.00 0.00
21 0.00 0.00
22 0.00 0.00
23 0.00 0.00
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B.2.1 CRITICAL STRESSES 
 
 
Span, l 60 ft
Section properties:
A 957 in.
2
957 in.
2
I 56514 in.
4
56514 in.
4
y b 17.01 in. 17.01 in.
y t 6.99 in. 6.99 in.
S b 3322.4 in.
3
3322.4 in.
3
S t 8085.0 in.
3
8085.0 in.
3
wt 997 lb/ft 997 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 8 in. 144 in.
Superimposed live load, w l 50 lb/ft
2
600 lb/ft
Superimposed live load, P l lb
Precast concrete (normalweight):
f
'
c 6000 psi
f
'
ci 5000 psi
E c 4700 ksi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
f pu 270 ksi
no. t 2
no. b 10
Aps_t 0.434 in.
2
Aps_b 2.17 in.
2
Non-composite Composite
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Prestress force:
P i_t 0.10Aps_t f pu 12 kip
P i_b 0.75Aps_b f pu 439 kip
i L 10%
t L 20%
P o_t (1-i L)P i_t 11 kip
P o_b (1-i L)P i_b 395 kip
P e_t (1-t L)P i_t 9 kip
P e_b (1-t L)P i_b 352 kip
Service-load moments at midspan:
M d_nc wt (l )(12)/8 5383 kip-in
M d_c (wt _c -wt _nc ) (l )(12)/8 0 kip-in
M l 3240 kip-in
Self-weight moment at transfer point:
t pt 50d b 2.5 ft
M dt_nc wt(t pt /2 )(l-t pt )12 860 kip-in
f b f t
P o_t /A 11 11
P o_b /A 413 413
P o_te t /S 4 -2
P o_be b /S 1787 -734
M dt_nc /S -259 106
M l /S
Stresses 1956 -205
0.70f
'
ci 12SQRT(f
'
ci )
3500 -849
OK OK
Load
Transfer point at release
Limiting 
Stresses
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f b f t
P o_t /A 11 11
P o_b /A 413 413
P o_te t /S 4 -2
P o_be b /S 1787 -734
M d_nc /S -1620 666
M l /S
Stresses 595 354
0.70f
'
ci
a
0.70f
'
ci
a
3500 3500
OK OK
a. Corresponds to stress criteria in PCI Design Handbook, 7
th
 edition Section 14.1.
f b f t (a)
a
f t (b)
a
P e_t /A 10 10 10
P e_b /A 367 367 367
P e_te t /S 4 -1 -1
P e_be b /S 1588 -653 -653
M d_nc /S -1620 666 666
M d_c /S
b
0 0 0
M l /S
b
-975 401
Stresses -627 389 790
12SQRT(f
'
c ) 0.45f
'
c 0.6f
'
c
-930 2700 3600
OK OK OK
a. (a) and (b) correspond to the (a) and (b) stress criteria in ACI Section 18.4.2.
Limiting 
Stresses
Midspan at service load
b. For all stresses, the composite section modulus is used. The stresses are 
calculated at the top of the precast concrete section. Section shored for M d_c .
Load
Midspan at release
Limiting 
Stresses
Load
B11 
B.2.2 COMPOSITE CRITICAL STRESSES 
 
 
Span, l 60 ft
Section properties:
A 308.7286 in.
2
957 in.
2
I 10784.3904 in.
4
56514 in.
4
y b 7.1226 in. 17.01 in.
y t 11.6292 in. 6.99 in.
S b 1514.1 in.
3
3322.4 in.
3
S t 927.4 in.
3
8085.0 in.
3
wt 322 lb/ft 997 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 8 in. 144 in.
Superimposed live load, w l 50 lb/ft
2
600 lb/ft
Superimposed live load, P l lb
Precast concrete (normalweight):
f
'
c 6000 psi
f
'
ci 5000 psi
E c 4700 ksi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
f pu 270 ksi
no. t 2
no. b 10
Aps_t 0.434 in.
2
Aps_b 2.17 in.
2
Non-composite Composite
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Prestress force:
P i_t 0.10Aps_t f pu 12 kip
P i_b 0.75Aps_b f pu 439 kip
i L 10%
t L 20%
P o_t (1-i L)P i_t 11 kip
P o_b (1-i L)P i_b 395 kip
P e_t (1-t L)P i_t 9 kip
P e_b (1-t L)P i_b 352 kip
Service-load moments at midspan:
M d_nc wt (l )(12)/8 1737 kip-in
M d_c (wt _c -wt _nc ) (l )(12)/8 3647 kip-in
M l 3240 kip-in
Self-weight moment at transfer point:
t pt 50d b 2.5 ft
M dt_nc wt(t pt /2 )(l-t pt )12 277 kip-in
f b f t
P o_t /A 34 34
P o_b /A 1281 1281
P o_te t /S -60 98
P o_be b /S 1338 -2185
M dt_nc /S -183 299
M l /S
Stresses 2410 -472
0.70f
'
ci 12SQRT(f
'
ci )
3500 -849
OK OK
Limiting 
Stresses
Load
Transfer point at release
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f b f t
P o_t /A 34 34
P o_b /A 1281 1281
P o_te t /S -60 98
P o_be b /S 1338 -2185
M d_nc /S -1147 1873
M l /S
Stresses 1446 1101
0.70f
'
ci
a
0.70f
'
ci
a
3500 3500
OK OK
a. Corresponds to stress criteria in PCI Design Handbook, 7
th
 edition Section 14.1.
f b f t (a)
a
f t (b)
a
P e_t /A 30 30 30
P e_b /A 1139 1139 1139
P e_te t /S -53 87 87
P e_be b /S 1189 -1942 -1942
M d_nc /S -1147 1873 1873
M d_c /S
b
-1098 451 451
M l /S
b
-975 401
Stresses -915 1638 2039
12SQRT(f
'
c ) 0.45f
'
c 0.6f
'
c
-930 2700 3600
OK OK OK
a. (a) and (b) correspond to the (a) and (b) stress criteria in ACI Section 18.4.2.
b. For all stresses, the composite section modulus is used. The stresses are 
calculated at the top of the precast concrete section. Section shored for M d_c .
Load
Midspan at release
Limiting 
Stresses
Load
Limiting 
Stresses
Midspan at service load
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B.3 SHEAR STRENGTH 
 
 
Span, l 60 ft
Superimposed live load, w l 50 lb/ft
2
600 lb/ft
Superimposed live load, P l lb
Section properties:
A 308.7286 in.
2
957 in.
2
I 10784.3904 in.
4
56514 in.
4
y b 7.1226 in. 17.01 in.
y t 11.6292 in. 6.99 in.
wt 322 lb/ft 997 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 14 in. 144 in.
b w 8 in. 8 in.
Precast concrete (normalweight):
f
'
c 6000 psi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
t pt 50d b /l 0.0417
f pu 270 ksi
no. t 2
no. b 10
Aps_t 0.434 in.
2
Aps_b 2.17 in.
2
f pe_t 115.2 ksi
f pe_b 162.0 ksi
Non-composite Composite
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Vertical and horizontal shear resistance:
Intensionally roughened
80b vhd p_b 24640 lb Reinforcement required
500b vhd p_b 154928 lb OK by ACI 17.5.1
φ s 0.75
λ 1
Segment x /l V d M d V l M l
kip kip-ft kip kip-ft
0 0.0000 29.9 0.0 18.0 0.0
1 0.0167 28.9 29.4 17.4 17.7
2 0.0333 27.9 57.8 16.8 34.8
t pt 0.0417 27.4 71.7 16.5 43.1
3 0.0500 26.9 85.2 16.2 51.3
4 0.0667 25.9 111.7 15.6 67.2
5 0.0833 24.9 137.1 15.0 82.5
6 0.1000 23.9 161.5 14.4 97.2
7 0.1167 22.9 184.9 13.8 111.3
8 0.1333 21.9 207.4 13.2 124.8
9 0.1500 20.9 228.8 12.6 137.7
10 0.1667 19.9 249.2 12.0 150.0
11 0.1833 18.9 268.7 11.4 161.7
12 0.2000 17.9 287.1 10.8 172.8
13 0.2167 16.9 304.5 10.2 183.3
14 0.2333 16.0 321.0 9.6 193.2
15 0.2500 15.0 336.4 9.0 202.5
16 0.2667 14.0 350.9 8.4 211.2
17 0.2833 13.0 364.4 7.8 219.3
18 0.3000 12.0 376.8 7.2 226.8
19 0.3167 11.0 388.3 6.6 233.7
20 0.3333 10.0 398.8 6.0 240.0
21 0.3500 9.0 408.2 5.4 245.7
22 0.3667 8.0 416.7 4.8 250.8
23 0.3833 7.0 424.2 4.2 255.3
24 0.4000 6.0 430.7 3.6 259.2
25 0.4167 5.0 436.1 3.0 262.5
26 0.4333 4.0 440.6 2.4 265.2
27 0.4500 3.0 444.1 1.8 267.3
28 0.4667 2.0 446.6 1.2 268.8
29 0.4833 1.0 448.1 0.6 269.7
30 0.5000 0.0 448.6 0.0 270.0
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Segment V u M u V u / φ s M cre
kip kip-ft kip kip-ft
0 64.7 0.0 86.3 739.2
1 62.5 63.6 83.4 733.8
2 60.4 125.1 80.5 728.6
tpt 59.3 155.0 79.1 726.1
3 58.2 184.4 77.6 723.6
4 56.1 241.5 74.8 718.8
5 53.9 296.5 71.9 714.1
6 51.8 349.3 69.0 709.7
7 49.6 400.0 66.1 705.4
8 47.4 448.5 63.3 701.3
9 45.3 494.9 60.4 697.3
10 43.1 539.1 57.5 693.6
11 41.0 581.1 54.6 690.1
12 38.8 621.0 51.8 686.7
13 36.7 658.7 48.9 683.5
14 34.5 694.3 46.0 680.5
15 32.3 727.7 43.1 677.7
16 30.2 759.0 40.3 675.0
17 28.0 788.1 37.4 672.6
18 25.9 815.1 34.5 670.3
19 23.7 839.9 31.6 668.2
20 21.6 862.5 28.8 666.3
21 19.4 883.0 25.9 664.5
22 17.3 901.3 23.0 663.0
23 15.1 917.5 20.1 661.6
24 12.9 931.5 17.3 660.4
25 10.8 943.4 14.4 659.4
26 8.6 953.1 11.5 658.6
27 6.5 960.6 8.6 658.0
28 4.3 966.0 5.8 657.5
29 2.2 969.2 2.9 657.2
30 0.0 970.3 0.0 657.2
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Segment V ci V cw V cw /2 V cmin V cmin /2
kip kip kip kip kip
0 47.7 23.9 47.7 23.9
1 758.5 50.1 25.0 50.1 25.0
2 387.8 52.4 26.2 52.4 26.2
tpt 313.4 53.6 26.8 53.6 26.8
3 263.6 54.2 27.1 54.2 27.1
4 201.0 55.5 27.8 55.5 27.8
5 162.9 56.7 28.4 56.7 28.4
6 137.2 57.9 29.0 57.9 29.0
7 118.6 59.1 29.5 59.1 29.5
8 104.3 60.1 30.1 60.1 30.1
9 92.9 61.2 30.6 61.2 30.6
10 83.6 62.2 31.1 62.2 31.1
11 75.8 63.1 31.6 63.1 31.6
12 69.0 64.0 32.0 64.0 32.0
13 63.2 64.8 32.4 63.2 31.6
14 57.9 65.6 32.8 57.9 29.0
15 53.3 66.4 33.2 53.3 26.6
16 49.0 67.1 33.5 49.0 24.5
17 45.1 67.7 33.9 45.1 22.5
18 41.4 68.3 34.2 41.4 20.7
19 38.0 68.9 34.4 38.0 19.0
20 34.8 69.4 34.7 34.8 17.4
21 31.8 69.9 34.9 31.8 15.9
22 28.8 70.3 35.1 28.8 14.4
23 26.0 70.6 35.3 26.0 13.0
24 23.3 70.9 35.5 23.3 11.7
25 23.2 71.2 35.6 23.2 11.6
26 23.2 71.4 35.7 23.2 11.6
27 23.2 71.6 35.8 23.2 11.6
28 23.2 71.7 35.9 23.2 11.6
29 23.2 71.8 35.9 23.2 11.6
30 23.2 71.8 35.9 23.2 11.6
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Segment A sh_ave /S V s V cmin + V s V cw + V s V nh
in.
2
kip kip kip kip
0 0.1283 169.4 217.1 217.1 181.7
1 0.0825 108.9 159.0 159.0 145.4
2 0.0367 48.4 100.8 100.8 109.1
tpt 0.0367 48.4 102.0 102.0 109.1
3 0.0367 48.4 102.6 102.6 109.1
4 0.0367 48.4 103.9 103.9 109.1
5 0.0367 48.4 105.1 105.1 109.1
6 0.0367 48.4 106.3 106.3 109.1
7 0.0367 48.4 107.5 107.5 109.1
8 0.0183 24.2 84.3 84.3 94.6
9 0.0092 12.1 73.3 73.3 87.3
10 0.0183 24.2 86.4 86.4 94.6
11 0.0092 12.1 75.2 75.2 87.3
12 0.0092 12.1 76.1 76.1 87.3
13 0.0183 24.2 87.4 89.0 94.6
14 0.0092 12.1 70.0 77.7 87.3
15 0.0092 12.1 65.4 78.5 87.3
16 0.0183 24.2 73.2 91.3 94.6
17 0.0092 12.1 57.2 79.8 87.3
18 0.0092 12.1 53.5 80.4 87.3
19 0.0183 24.2 62.2 93.1 94.6
20 0.0092 12.1 46.9 81.5 87.3
21 0.0 31.8 69.9 24.6
22 0.0 28.8 70.3 24.6
23 0.0 26.0 70.6 24.6
24 0.0 23.3 70.9 24.6
25 0.0 23.2 71.2 24.6
26 0.0 23.2 71.4 24.6
27 0.0 23.2 71.6 24.6
28 0.0 23.2 71.7 24.6
29 0.0 23.2 71.8 24.6
30 0.0 23.2 71.8 24.6
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B.4 BURSTING REINFORCEMENT 
 
 
  
P i 439.43 k
f sa 20 ksi
0.04P i /f sa 0.88 in.
2
h /8 0.88 in.
2
OK
3h /8 0.44 in.
2
OK
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B.5.1 DEFLECTION 
 
Span, l 60 ft
Section properties:
A 957 in.
2
957 in.
2
I 56514 in.
4
56514 in.
4
I cr in.
4
5711.76085 in.
4
y b 17.01 in. 17.01 in.
y t 6.99 in. 6.99 in.
S b 3322.4 in.
3
3322.4 in.
3
S t 8085.0 in.
3
8085.0 in.
3
wt 997 lb/ft 997 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 8 in. 144 in.
Superimposed live load, w l 50 lb/ft
2
600 lb/ft
Superimposed live load, P l lb
Precast concrete (normalweight):
f
'
c 6000 psi
f
'
ci 5000 psi
E c 4700 ksi
E ci 4300 ksi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
f pu 270 ksi
no. t 2
no. b 10
Aps_t 0.434 in.
2
Aps_b 2.17 in.
2
Non-composite Composite
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Prestress force:
P i_t 0.10Aps_t f pu 12 kip
P i_b 0.75Aps_b f pu 439 kip
i L 10%
t L 20%
P o_t (1-i L)P i_t 11 kip
P o_b (1-i L)P i_b 395 kip
P e_t (1-t L)P i_t 9 kip
P e_b (1-t L)P i_b 352 kip
Moments at midspan:
M pe_t P o_te t -13 kip-in.
M pe_b P o_be b -5936 kip-in.
M d_nc wt (l )(12)/8 5383 kip-in.
M d_c (wt _c -wt _nc ) (l )(12)/8 0 kip-in.
M l 3240 kip-in.
Stresses:
P e_t /A 10 psi
P e_b /A 367 psi
P e_te t /S 4 psi
P e_be b /S 1588 psi
M d_nc /S -1620 psi
M d_c /S 0 psi Composite section modulus is used
M l /S -975 psi Composite section modulus is used
f b -627 psi
f l -975 psi
f r -530 psi  
f lcr -879 psi
Effective moment of intertia:
M cr /M a 0.901
(M cr /M a )
3
0.732
1-(M cr /M a )
3
0.268
I e 42908.7 in.
4
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Camber and deflection:
∆ pe_t 0.00 in.
∆ pe_b 1.58 in.
∆ d_nc -1.20 in.
∆ ci 0.39 in.
∆ cf 0.64 in.
∆ d_c 0.00 in.
0.62 in.
∆ l -0.87 in.
∆ f -0.25 in.
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B.5.2 COMPOSITE DEFLECTION 
 
 
Span, l 60 ft
Section properties:
A 308.7286 in.
2
957 in.
2
I 10784.3904 in.
4
56514 in.
4
I cr in.
4
5711.76085 in.
4
y b 7.1226 in. 17.01 in.
y t 11.6292 in. 6.99 in.
S b 1514.1 in.
3
3322.4 in.
3
S t 927.4 in.
3
8085.0 in.
3
wt 322 lb/ft 997 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 8 in. 144 in.
Superimposed live load, w l 50 lb/ft
2
600 lb/ft
Superimposed live load, P l lb
Precast concrete (normalweight):
f
'
c 6000 psi
f
'
ci 5000 psi
E c 4700 ksi
E ci 4300 ksi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
f pu 270 ksi
no. t 2
no. b 10
Aps_t 0.434 in.
2
Aps_b 2.17 in.
2
Non-composite Composite
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Prestress force:
P i_t 0.10Aps_t f pu 12 kip
P i_b 0.75Aps_b f pu 439 kip
i L 10%
t L 20%
P o_t (1-i L)P i_t 11 kip
P o_b (1-i L)P i_b 395 kip
P e_t (1-t L)P i_t 9 kip
P e_b (1-t L)P i_b 352 kip
Moments at midspan:
M pe_t P o_te t 91 kip-in.
M pe_b P o_be b -2026 kip-in.
M d_nc wt (l )(12)/8 1737 kip-in.
M d_c (wt _c -wt _nc ) (l )(12)/8 3647 kip-in.
M l 3240 kip-in.
Stresses:
P e_t /A 30 psi
P e_b /A 1139 psi
P e_te t /S -53 psi
P e_be b /S 1189 psi
M d_nc /S -1147 psi
M d_c /S -1098 psi Composite section modulus is used
M l /S -975 psi Composite section modulus is used
f b -915 psi
f l -975 psi
f r -530 psi  
f lcr -591 psi
Effective moment of intertia:
M cr /M a 0.606
(M cr /M a )
3
0.222
1-(M cr /M a )
3
0.778
I e 17007.3 in.
4
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Camber and deflection:
∆ pe_t -0.13 in.
∆ pe_b 2.83 in.
∆ d_nc -2.02 in.
∆ ci 0.68 in.
∆ cf 1.13 in.
∆ d_c -0.74 in.
-1.13 in. shored construction
∆ l -2.19 in.
∆ f -3.32 in.
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B.6 CRITICAL STRESSES FOR TRANSVERSE POST-TENSIONED CONNECTION 
 
Span, l 9 ft
Section properties:
t 5.25 in. 4 in.
I 145 in.
4
/ft 64 in.
4
y b 2.625 in. 2 in.
y t 2.625 in. 2 in.
S b 55.1 in.
3
/ft 32.0 in.
3
S t 55.1 in.
3
/ft 32.0 in.
3
wt 66 lb/ft/ft 50 lb/ft
y p_b 3.25 in. 2 in.
b 12 in. 12 in.
Superimposed live load, w l 50 lb/ft
2
50 lb/ft/ft
Superimposed live load, P l 210 lb/ft
Precast concrete (normalweight):
f
'
c 6000 psi
f
'
ci 5000 psi
E c 4700 ksi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
f pu 270 ksi
no. b 0.25
A ps_b 0.05425 in.
2
/ft
Flange Base Joint
B28 
 
Prestress force:
P i_b 0.75A ps_b f pu 11 kip/ft
i L 10%
t L 20%
P o_b (1-i L )P i_b 10 kip/ft
P e_b (1-t L )P i_b 9 kip/ft
Static service-load moments:
M d_fb 6.43 kip-in./ft
M d_jt 0.00 kip-in./ft
M wl_fb wl (l
2
)(12)/12 4.05 kip-in./ft
M wl_jt wl (l
2
)(12)/24 2.03 kip-in./ft
M pl_fb Pl (l )(12)/8 2.84 kip-in./ft
M pl_jt Pl (l )(12)/8 2.84 kip-in./ft
SAP2000 3D service-load moments:
M d_fb 6.82 kip-in./ft
M d_jt 0.00 kip-in./ft
M wl_fb 4.42 kip-in./ft
M wl_jt 2.00 kip-in./ft
M pl_fb 3.14 kip-in./ft
M pl_jt 2.69 kip-in./ft
f b f t  
P o_b /A 157 157
P o_b e b /S -112 112
M d_fb /S 124 -124
M l /S
Stresses 169 145
0.70f
'
ci 0.70f
'
ci
3500 3500
OK OK
Load
Flange base at release
Limiting 
Stresses
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f b f t
P o_b /A 206 206
P o_b e b /S 0 0
M d_jt /S 0 0
M l /S
Stresses 206 206
0.70f
'
ci
a
0.70f
'
ci
a
3500 3500
OK OK
a. Corresponds to stress criteria in PCI Design Handbook, 7
th
 edition Section 14.1.
f b f b f t f t
P e_b /A 140 140 140 140
P e_b e b /S -100 -100 100 100
M d_fb /S 124 124 -124 -124
M wl_fb /S 80 -80
M pl_fb /S 57 -57
Stresses 244 221 35 58
0.6f
'
c 0.6f
'
c 0.6f
'
c 0.6f
'
c
3600 3600 3600 3600
OK OK OK OK
f b f b f t f t
P e_b /A 183 183 183 183
P e_b e b /S 0 0 0 0
M d_jt /S 0 0 0 0
M wl_jt /S -63 63
M pl_jt /S -89 89
Stresses 120 95 246 272
0.6f
'
c 0.6f
'
c 0.6f
'
c 0.6f
'
c
3600 3600 3600 3600
OK OK OK OK
Load
Joint at service load
Limiting 
Stresses
Limiting 
Stresses
Flange base at service load
Load
Joint at release
Limiting 
Stresses
Load
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B.7.1 FLEXURAL STRENGTH AT FLANGE BASE DURING SHIPPING AND 
HANDLING FOR TRANSVERSE POST-TENSIONED CONNECTION  
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Concrete layers:
f
'
c
a b
a
t
a
1 6.000 12.000 5.250
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60 0.1 4.250
2 60
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270
13 270
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
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B.7.2 FLEXURAL STRENGTH AT FLANGE BASE FOR TRANSVERSE POST-
TENSIONED CONNECTION 
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Concrete layers:
f
'
c
a b
a
t
a
1 6.000 12.000 5.250
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60 0.1 4.250
2 60
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270
13 270 0.05425 162 3.250
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
23 270
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B.7.3 FLEXURAL STRENGTH AT JOINT FOR TRANSVERSE POST-TENSIONED 
CONNECTION 
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Concrete layers:
f
'
c
a b
a
t
a
1 6.000 12.000 4.000
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60 0.1 1.000
2 60
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270
13 270 0.05425 162 2.000
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
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B.7.4 FLEXURAL STRENGTH AT FLANGE BASE FOR TRANSVERSE WELDED 
CONNECTION 
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Concrete layers:
f
'
c
a b
a
t
a
1 6.000 12.000 5.250
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60 0.1 4.250
2 60 0.1 2.250
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270
13 270
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
23 270
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APPENDIX C: DESIGN CALCULATIONS FOR 16PTB24 
C.1 FLEXURAL STRENGTH 
 
Unspecified units in kips and inches
Solution based on following input and calculations:
∑ M 17027.22
∑ F 0.00
εcu 0.003
a 1.420
c 1.894
Design :
Flexural strength:
φ 0.90
φMn 15324 kip-in = 1277.0 kip-ft
Required strength:
1222.3 k-ft => OK
R/C & P/C ACI
Calculate
( )
( )
9.05065.075.0  :AASHTO R/C
0.13/25075.175.0  :AASHTO P/C
9.03/25045.165.0  :ACI R/C & P/C
extreme
extreme
extreme
≤ε+=φ≤
≤ε+=φ≤
≤ε+=φ≤
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Concrete layers:
f
'
c
a
b
a
t
a
1 6.000 120.000 4.625
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60
2 60
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270 0.434 20.25 8.250
13 270 2.821 162 22.000
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
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C.2.1 CRITICAL STRESSES 
 
 
Span, l 60 ft
Section properties:
A 1149 in.
2
1149 in.
2
I 60755 in.
4
60755 in.
4
y b 17.84 in. 17.84 in.
y t 6.16 in. 6.16 in.
S b 3405.5 in.
3
3405.5 in.
3
S t 9862.8 in.
3
9862.8 in.
3
wt 1197 lb/ft 1197 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 8 in. 192 in.
Superimposed live load, w l 50 lb/ft
2
800 lb/ft
Superimposed live load, P l lb
Precast concrete (normalweight):
f
'
c 6000 psi
f
'
ci 5000 psi
E c 4700 ksi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
f pu 270 ksi
no. t 2
no. b 13
Aps_t 0.434 in.
2
Aps_b 2.821 in.
2
Non-composite Composite
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Prestress force:
P i_t 0.10Aps_t f pu 12 kip
P i_b 0.75Aps_b f pu 571 kip
i L 10%
t L 20%
P o_t (1-i L)P i_t 11 kip
P o_b (1-i L)P i_b 514 kip
P e_t (1-t L)P i_t 9 kip
P e_b (1-t L)P i_b 457 kip
Service-load moments at midspan:
M d_nc wt (l )(12)/8 6463 kip-in
M d_c (wt _c -wt _nc ) (l )(12)/8 0 kip-in
M l 4320 kip-in
Self-weight moment at transfer point:
t pt 50d b 2.5 ft
M dt_nc wt(t pt /2 )(l-t pt )12 1032 kip-in
f b f t
P o_t /A 9 9
P o_b /A 447 447
P o_te t /S 6 -2
P o_be b /S 2391 -826
M dt_nc /S -303 105
M l /S
Stresses 2551 -267
0.70f
'
ci 12SQRT(f
'
ci )
3500 -849
OK OK
Load
Transfer point at release
Limiting 
Stresses
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f b f t
P o_t /A 9 9
P o_b /A 447 447
P o_te t /S 6 -2
P o_be b /S 2391 -826
M d_nc /S -1898 655
M l /S
Stresses 957 284
0.70f
'
ci
a
0.70f
'
ci
a
3500 3500
OK OK
a. Corresponds to stress criteria in PCI Design Handbook, 7
th
 edition Section 14.1.
f b f t (a)
a
f t (b)
a
P e_t /A 8 8 8
P e_b /A 398 398 398
P e_te t /S 6 -2 -2
P e_be b /S 2126 -734 -734
M d_nc /S -1898 655 655
M d_c /S
b
0 0 0
M l /S
b
-1269 438
Stresses -629 325 763
12SQRT(f
'
c ) 0.45f
'
c 0.6f
'
c
-930 2700 3600
OK OK OK
a. (a) and (b) correspond to the (a) and (b) stress criteria in ACI Section 18.4.2.
Limiting 
Stresses
Midspan at service load
b. For all stresses, the composite section modulus is used. The stresses are 
calculated at the top of the precast concrete section. Section shored for M d_c .
Load
Midspan at release
Limiting 
Stresses
Load
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C.2.2 COMPOSITE CRITICAL STRESSES 
 
 
Span, l 60 ft
Section properties:
A 308.7286 in.
2
1149 in.
2
I 10784.3904 in.
4
60755 in.
4
y b 7.1226 in. 17.84 in.
y t 11.6292 in. 6.16 in.
S b 1514.1 in.
3
3405.5 in.
3
S t 927.4 in.
3
9862.8 in.
3
wt 322 lb/ft 1197 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 8 in. 192 in.
Superimposed live load, w l 50 lb/ft
2
800 lb/ft
Superimposed live load, P l lb
Precast concrete (normalweight):
f
'
c 6000 psi
f
'
ci 5000 psi
E c 4700 ksi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
f pu 270 ksi
no. t 2
no. b 13
Aps_t 0.434 in.
2
Aps_b 2.821 in.
2
Non-composite Composite
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Prestress force:
P i_t 0.10Aps_t f pu 12 kip
P i_b 0.75Aps_b f pu 571 kip
i L 10%
t L 20%
P o_t (1-i L)P i_t 11 kip
P o_b (1-i L)P i_b 514 kip
P e_t (1-t L)P i_t 9 kip
P e_b (1-t L)P i_b 457 kip
Service-load moments at midspan:
M d_nc wt (l )(12)/8 1737 kip-in
M d_c (wt _c -wt _nc ) (l )(12)/8 4727 kip-in
M l 4320 kip-in
Self-weight moment at transfer point:
t pt 50d b 2.5 ft
M dt_nc wt(t pt /2 )(l-t pt )12 277 kip-in
f b f t
P o_t /A 34 34
P o_b /A 1665 1665
P o_te t /S -60 98
P o_be b /S 1739 -2840
M dt_nc /S -183 299
M l /S
Stresses 3196 -743
0.70f
'
ci 12SQRT(f
'
ci )
3500 -849
OK OK
Limiting 
Stresses
Load
Transfer point at release
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f b f t
P o_t /A 34 34
P o_b /A 1665 1665
P o_te t /S -60 98
P o_be b /S 1739 -2840
M d_nc /S -1147 1873
M l /S
Stresses 2232 830
0.70f
'
ci
a
0.70f
'
ci
a
3500 3500
OK OK
a. Corresponds to stress criteria in PCI Design Handbook, 7
th
 edition Section 14.1.
f b f t (a)
a
f t (b)
a
P e_t /A 30 30 30
P e_b /A 1480 1480 1480
P e_te t /S -53 87 87
P e_be b /S 1546 -2524 -2524
M d_nc /S -1147 1873 1873
M d_c /S
b
-1388 479 479
M l /S
b
-1269 438
Stresses -800 1425 1863
12SQRT(f
'
c ) 0.45f
'
c 0.6f
'
c
-930 2700 3600
OK OK OK
a. (a) and (b) correspond to the (a) and (b) stress criteria in ACI Section 18.4.2.
b. For all stresses, the composite section modulus is used. The stresses are 
calculated at the top of the precast concrete section. Section shored for M d_c .
Load
Midspan at release
Limiting 
Stresses
Load
Limiting 
Stresses
Midspan at service load
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C.3 SHEAR STRENGTH 
 
Span, l 60 ft
Superimposed live load, w l 50 lb/ft
2
800 lb/ft
Superimposed live load, P l lb
Section properties:
A 308.7286 in.
2
1149 in.
2
I 10784.3904 in.
4
60755 in.
4
y b 7.1226 in. 17.84 in.
y t 11.6292 in. 6.16 in.
wt 322 lb/ft 1197 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 14 in. 192 in.
b w 8 in. 8 in.
Precast concrete (normalweight):
f
'
c 6000 psi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
t pt 50d b /l 0.0417
f pu 270 ksi
no. t 2
no. b 13
Aps_t 0.434 in.
2
Aps_b 2.821 in.
2
f pe_t 115.2 ksi
f pe_b 162.0 ksi
Non-composite Composite
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Vertical and horizontal shear resistance:
Intensionally roughened
80b vhd p_b 24640 lb Reinforcement required
500b vhd p_b 160738 lb OK by ACI 17.5.1
φ s 0.75
λ 1
Segment x /l V d M d V l M l
kip kip-ft kip kip-ft
0 0.0000 35.9 0.0 24.0 0.0
1 0.0167 34.7 35.3 23.2 23.6
2 0.0333 33.5 69.4 22.4 46.4
t pt 0.0417 32.9 86.0 22.0 57.5
3 0.0500 32.3 102.3 21.6 68.4
4 0.0667 31.1 134.1 20.8 89.6
5 0.0833 29.9 164.6 20.0 110.0
6 0.1000 28.7 193.9 19.2 129.6
7 0.1167 27.5 222.0 18.4 148.4
8 0.1333 26.3 249.0 17.6 166.4
9 0.1500 25.1 274.7 16.8 183.6
10 0.1667 23.9 299.2 16.0 200.0
11 0.1833 22.7 322.6 15.2 215.6
12 0.2000 21.5 344.7 14.4 230.4
13 0.2167 20.3 365.6 13.6 244.4
14 0.2333 19.2 385.4 12.8 257.6
15 0.2500 18.0 403.9 12.0 270.0
16 0.2667 16.8 421.3 11.2 281.6
17 0.2833 15.6 437.5 10.4 292.4
18 0.3000 14.4 452.4 9.6 302.4
19 0.3167 13.2 466.2 8.8 311.6
20 0.3333 12.0 478.8 8.0 320.0
21 0.3500 10.8 490.1 7.2 327.6
22 0.3667 9.6 500.3 6.4 334.4
23 0.3833 8.4 509.3 5.6 340.4
24 0.4000 7.2 517.1 4.8 345.6
25 0.4167 6.0 523.6 4.0 350.0
26 0.4333 4.8 529.0 3.2 353.6
27 0.4500 3.6 533.2 2.4 356.4
28 0.4667 2.4 536.2 1.6 358.4
29 0.4833 1.2 538.0 0.8 359.6
30 0.5000 0.0 538.6 0.0 360.0
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Segment A sh_ave /S V s V cmin + V s V cw + V s V nh
in.
2
kip kip kip kip
0 0.1283 169.4 217.1 217.1 181.7
1 0.0825 108.9 153.1 153.1 145.4
2 0.0367 48.4 89.0 89.0 109.1
tpt 0.0367 48.4 87.1 87.1 109.1
3 0.0367 48.4 88.0 88.0 109.1
4 0.0367 48.4 89.7 89.7 109.1
5 0.0367 48.4 91.3 91.3 109.1
6 0.0367 48.4 92.8 92.8 109.1
7 0.0367 48.4 94.3 94.3 109.1
8 0.0183 24.2 71.5 71.5 94.6
9 0.0092 12.1 60.7 60.7 87.3
10 0.0183 24.2 74.1 74.1 94.6
11 0.0092 12.1 63.2 63.2 87.3
12 0.0092 12.1 64.4 64.4 87.3
13 0.0183 24.2 77.6 77.6 94.6
14 0.0092 12.1 66.5 66.5 87.3
15 0.0092 12.1 67.5 67.5 87.3
16 0.0183 24.2 80.5 80.5 94.6
17 0.0092 12.1 66.9 69.3 87.3
18 0.0092 12.1 62.3 70.1 87.3
19 0.0183 24.2 70.1 82.9 94.6
20 0.0092 12.1 53.9 71.4 87.3
21 0.0 37.9 59.9 24.6
22 0.0 34.3 60.5 24.6
23 0.0 30.7 60.9 24.6
24 0.0 27.3 61.4 24.6
25 0.0 24.0 61.7 24.6
26 0.0 23.2 62.0 24.6
27 0.0 23.2 62.2 24.6
28 0.0 23.2 62.4 24.6
29 0.0 23.2 62.5 24.6
30 0.0 23.2 62.5 24.6
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0
50
100
150
200
250
300
350
0.0 0.1 0.2 0.3 0.4 0.5
L
o
ad
, k
ip
Distance along span, x/l
Vertical and horizontal shear capacity
Vu/φs Vcw + Vs Vnh
0
50
100
150
200
250
300
350
0.0 0.1 0.2 0.3 0.4 0.5
L
o
ad
, k
ip
Distance along span, x/l
Concrete strength for vertical shear
Vu/φs Vci Vcw Vcmin/2 Vcw/2
C50 
C.4 BURSTING REINFORCEMENT 
 
 
  
P i 571.25 k
f sa 20 ksi
0.04P i /f sa 1.14 in.
2
h /8 0.88 in.
2
OK
3h /8 0.44 in.
2
OK
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C.5.1 DEFLECTION 
 
Span, l 60 ft
Section properties:
A 1149 in.
2
1149 in.
2
I 60755 in.
4
60755 in.
4
I cr in.
4
7435.69647 in.
4
y b 17.84 in. 17.84 in.
y t 6.16 in. 6.16 in.
S b 3405.5 in.
3
3405.5 in.
3
S t 9862.8 in.
3
9862.8 in.
3
wt 1197 lb/ft 1197 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 8 in. 192 in.
Superimposed live load, w l 50 lb/ft
2
800 lb/ft
Superimposed live load, P l lb
Precast concrete (normalweight):
f
'
c 6000 psi
f
'
ci 5000 psi
E c 4700 ksi
E ci 4300 ksi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
f pu 270 ksi
no. t 2
no. b 13
Aps_t 0.434 in.
2
Aps_b 2.821 in.
2
Non-composite Composite
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Prestress force:
P i_t 0.10Aps_t f pu 12 kip
P i_b 0.75Aps_b f pu 571 kip
i L 10%
t L 20%
P o_t (1-i L)P i_t 11 kip
P o_b (1-i L)P i_b 514 kip
P e_t (1-t L)P i_t 9 kip
P e_b (1-t L)P i_b 457 kip
Moments at midspan:
M pe_t P o_te t -22 kip-in.
M pe_b P o_be b -8144 kip-in.
M d_nc wt (l )(12)/8 6463 kip-in.
M d_c (wt _c -wt _nc ) (l )(12)/8 0 kip-in.
M l 4320 kip-in.
Stresses:
P e_t /A 8 psi
P e_b /A 398 psi
P e_te t /S 6 psi
P e_be b /S 2126 psi
M d_nc /S -1898 psi
M d_c /S 0 psi Composite section modulus is used
M l /S -1269 psi Composite section modulus is used
f b -629 psi
f l -1269 psi
f r -530 psi  
f lcr -1170 psi
Effective moment of intertia:
M cr /M a 0.922
(M cr /M a )
3
0.784
1-(M cr /M a )
3
0.216
I e 49248.5 in.
4
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Camber and deflection:
∆ pe_t 0.01 in.
∆ pe_b 2.02 in.
∆ d_nc -1.34 in.
∆ ci 0.69 in.
∆ cf 1.17 in.
∆ d_c 0.00 in.
1.25 in.
∆ l -1.01 in.
∆ f 0.24 in.
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C.5.2 COMPOSITE DEFLECTION 
 
 
Span, l 60 ft
Section properties:
A 308.7286 in.
2
1149 in.
2
I 10784.3904 in.
4
60755 in.
4
I cr in.
4
7435.69647 in.
4
y b 7.1226 in. 17.84 in.
y t 11.6292 in. 6.16 in.
S b 1514.1 in.
3
3405.5 in.
3
S t 927.4 in.
3
9862.8 in.
3
wt 322 lb/ft 1197 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 8 in. 192 in.
Superimposed live load, w l 50 lb/ft
2
800 lb/ft
Superimposed live load, P l lb
Precast concrete (normalweight):
f
'
c 6000 psi
f
'
ci 5000 psi
E c 4700 ksi
E ci 4300 ksi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
f pu 270 ksi
no. t 2
no. b 13
Aps_t 0.434 in.
2
Aps_b 2.821 in.
2
Non-composite Composite
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Prestress force:
P i_t 0.10Aps_t f pu 12 kip
P i_b 0.75Aps_b f pu 571 kip
i L 10%
t L 20%
P o_t (1-i L)P i_t 11 kip
P o_b (1-i L)P i_b 514 kip
P e_t (1-t L)P i_t 9 kip
P e_b (1-t L)P i_b 457 kip
Moments at midspan:
M pe_t P o_te t 91 kip-in.
M pe_b P o_be b -2634 kip-in.
M d_nc wt (l )(12)/8 1737 kip-in.
M d_c (wt _c -wt _nc ) (l )(12)/8 4727 kip-in.
M l 4320 kip-in.
Stresses:
P e_t /A 30 psi
P e_b /A 1480 psi
P e_te t /S -53 psi
P e_be b /S 1546 psi
M d_nc /S -1147 psi
M d_c /S -1388 psi Composite section modulus is used
M l /S -1269 psi Composite section modulus is used
f b -800 psi
f l -1269 psi
f r -530 psi  
f lcr -999 psi
Effective moment of intertia:
M cr /M a 0.787
(M cr /M a )
3
0.488
1-(M cr /M a )
3
0.512
I e 33468.2 in.
4
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Camber and deflection:
∆ pe_t -0.13 in.
∆ pe_b 3.68 in.
∆ d_nc -2.02 in.
∆ ci 1.53 in.
∆ cf 2.65 in.
∆ d_c -0.89 in.
0.28 in. shored construction
∆ l -1.48 in.
∆ f -1.20 in.
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C.6 CRITICAL STRESSES FOR TRANSVERSE POST-TENSIONED CONNECTION 
 
Span, l 13 ft
Section properties:
t 5.25 in. 4 in.
I 145 in.
4
/ft 64 in.
4
y b 2.625 in. 2 in.
y t 2.625 in. 2 in.
S b 55.1 in.
3
/ft 32.0 in.
3
S t 55.1 in.
3
/ft 32.0 in.
3
wt 66 lb/ft/ft 50 lb/ft
y p_b 3.25 in. 2 in.
b 12 in. 12 in.
Superimposed live load, w l 50 lb/ft
2
50 lb/ft/ft
Superimposed live load, P l 140 lb/ft
Precast concrete (normalweight):
f
'
c 6000 psi
f
'
ci 5000 psi
E c 4700 ksi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
f pu 270 ksi
no. b 0.25
A ps_b 0.05425 in.
2
/ft
Flange Base Joint
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Prestress force:
P i_b 0.75A ps_b f pu 11 kip/ft
i L 10%
t L 20%
P o_b (1-i L )P i_b 10 kip/ft
P e_b (1-t L )P i_b 9 kip/ft
Static service-load moments:
M d_fb 13.03 kip-in./ft
M d_jt 0.00 kip-in./ft
M wl_fb wl (l
2
)(12)/12 8.45 kip-in./ft
M wl_jt wl (l
2
)(12)/24 4.23 kip-in./ft
M pl_fb Pl (l )(12)/8 2.73 kip-in./ft
M pl_jt Pl (l )(12)/8 2.73 kip-in./ft
SAP2000 3D service-load moments:
M d_fb 13.57 kip-in./ft
M d_jt 0.00 kip-in./ft
M wl_fb 9.23 kip-in./ft
M wl_jt 3.94 kip-in./ft
M pl_fb 3.01 kip-in./ft
M pl_jt 2.56 kip-in./ft
f b f t  
P o_b /A 157 157
P o_b e b /S -112 112
M d_fb /S 246 -246
M l /S
Stresses 291 23
0.70f
'
ci 0.70f
'
ci
3500 3500
OK OK
Load
Flange base at release
Limiting 
Stresses
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f b f t
P o_b /A 206 206
P o_b e b /S 0 0
M d_jt /S 0 0
M l /S
Stresses 206 206
0.70f
'
ci
a
0.70f
'
ci
a
3500 3500
OK OK
a. Corresponds to stress criteria in PCI Design Handbook, 7
th
 edition Section 14.1.
f b f b f t f t
P e_b /A 140 140 140 140
P e_b e b /S -100 -100 100 100
M d_fb /S 246 246 -246 -246
M wl_fb /S 167 -167
M pl_fb /S 55 -55
Stresses 453 341 -174 -62
0.6f
'
c 0.6f
'
c 7SQRT[f
'
c ] 7SQRT[f
'
c ]
3600 3600 -542 -542
OK OK OK OK
f b f b f t f t
P e_b /A 183 183 183 183
P e_b e b /S 0 0 0 0
M d_jt /S 0 0 0 0
M wl_jt /S -132 132
M pl_jt /S -85 85
Stresses 51 98 315 268
0.6f
'
c 7SQRT[f
'
c ] 0.6f
'
c 0.6f
'
c
3600 -542 3600 3600
OK NG OK OK
Load
Joint at service load
Limiting 
Stresses
Limiting 
Stresses
Flange base at service load
Load
Joint at release
Limiting 
Stresses
Load
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C.7.1 FLEXURAL STRENGTH AT FLANGE BASE DURING SHIPPING AND 
HANDLING FOR TRANSVERSE POST-TENSIONED CONNECTION 
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Concrete layers:
f
'
c
a b
a
t
a
1 6.000 12.000 5.250
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60 0.1 4.250
2 60
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270
13 270
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
23 270
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C.7.2 FLEXURAL STRENGTH AT FLANGE BASE FOR TRANSVERSE POST-
TENSIONED CONNECTION 
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Concrete layers:
f
'
c
a b
a
t
a
1 6.000 12.000 5.250
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60 0.1 4.250
2 60
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270
13 270 0.05425 162 3.250
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
23 270
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C.7.3 FLEXURAL STRENGTH AT JOINT FOR TRANSVERSE POST-TENSIONED 
CONNECTION 
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Concrete layers:
f
'
c
a b
a
t
a
1 6.000 12.000 4.000
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60 0.1 1.000
2 60
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270
13 270 0.05425 162 2.000
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
23 270
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C.7.4 FLEXURAL STRENGTH AT FLANGE BASE FOR TRANSVERSE WELDED 
CONNECTION 
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Concrete layers:
f
'
c
a b
a
t
a
1 6.000 12.000 5.250
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60 0.15 4.250
2 60 0.15 2.250
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270
13 270
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
23 270
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APPENDIX D: DETAILS FOR 12DT30 
The following details represent the transverse reinforcement for a typical 12DT30 as 
provided by Coreslab Structures, Inc. of Omaha, Ne. The flange to flange connection for 
this member is welded. 
  
 D69  
 D70  
E71 
 
APPENDIX E: DETAILS FOR 16DT30 
The following details represent the transverse reinforcement for a typical 16DT30 as 
provided High Concrete Group of Denver, Pa. The flange to flange connection for this 
member is welded. 
 
  
E72  
 
  
E73  
 
E74 
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APPENDIX F: CORESLAB STAGE ONE DETAILS 
The following figures provide a small scale representation of details provided to Coreslab 
Structures, Inc. of Omaha, Ne. for the stage one construction of the 60 ft specimen for 
longitudinal testing. 
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APPENDIX G: DESIGN CALCULATIONS FOR FULL SCALE SPECIMEN  
G.1 FLEXURAL STRENGTH 
 
Unspecified units in kips and inches
Solution based on following input and calculations:
∑ M 18285.93
∑ F 0.00
εcu 0.003
a 0.706
c 1.086
Design :
Flexural strength:
φ 1.00
φMn 18286 kip-in = 1523.8 kip-ft
Required strength:
1222.3 k-ft => OK
P/C AASHTO
Calculate
( )
( )
9.05065.075.0  :AASHTO R/C
0.13/25075.175.0  :AASHTO P/C
9.03/25045.165.0  :ACI R/C & P/C
extreme
extreme
extreme
≤ε+=φ≤
≤ε+=φ≤
≤ε+=φ≤
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Concrete layers:
f
'
c
a
b
a
t
a
1 12.000 122.000 4.750
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60
2 60
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270 0.434 92.1658986 9.250
13 270 2.821 162 23.000
14 270
G81 
 
 
G.2 COMPOSITE CRITICAL STRESSES 
 
 
Span, l 60 ft
Section properties:
A 288.4777 in.
2
1218.3806 in.
2
I 10187.3845 in.
4
65470.8546 in.
4
y b 6.9483 in. 18.8152 in.
y t 11.8035 in. 6.1852 in.
S b 1466.2 in.
3
3479.7 in.
3
S t 863.1 in.
3
10585.1 in.
3
wt 300 lb/ft 1269 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 8 in. 122 in.
Superimposed live load, w l lb/ft
2
0 lb/ft
Superimposed live load, P l 27900.8083 lb
Precast concrete (normalweight):
f
'
c 7000 psi
f
'
ci 5000 psi
E c 5100 ksi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
f pu 270 ksi
no. t 2
no. b 13
Aps_t 0.434 in.
2
Aps_b 2.821 in.
2
Non-composite Composite
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Prestress force:
P i_t 0.43Aps_t f pu 50 kip
P i_b 0.75Aps_b f pu 571 kip
i L 10%
t L 20%
P o_t (1-i L)P i_t 45 kip
P o_b (1-i L)P i_b 514 kip
P e_t (1-t L)P i_t 40 kip
P e_b (1-t L)P i_b 457 kip
Service-load moments at midspan:
M d_nc wt (l )(12)/8 1623 kip-in
M d_c (wt _c -wt _nc ) (l )(12)/8 5231 kip-in
M l 3767 kip-in
Self-weight moment at transfer point:
t pt 50d b 2.5 ft
M dt_nc wt(t pt /2 )(l-t pt )12 259 kip-in
f b f t
P o_t /A 156 156
P o_b /A 1782 1782
P o_te t /S -270 459
P o_be b /S 1735 -2948
M dt_nc /S -177 300
M l /S
Stresses 3226 -250
0.70f
'
ci 12SQRT(f
'
ci )
3500 -849
OK OK
Load
Transfer point at release
Limiting 
Stresses
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f b f t
P o_t /A 156 156
P o_b /A 1782 1782
P o_te t /S -270 459
P o_be b /S 1735 -2948
M d_nc /S -1107 1880
M l /S
Stresses 2296 1330
0.70f
'
ci
a
0.70f
'
ci
a
3500 3500
OK OK
a. Corresponds to stress criteria in PCI Design Handbook, 7
th
 edition Section 14.1.
f b f t (a)
a
f t (b)
a
P e_t /A 139 139 139
P e_b /A 1584 1584 1584
P e_te t /S -240 408 408
P e_be b /S 1542 -2620 -2620
M d_nc /S -1107 1880 1880
M d_c /S
b
-1503 494 494
M l /S
b
-1082 356
Stresses -667 1885 2241
12SQRT(f
'
c ) 0.45f
'
c 0.6f
'
c
-1004 3150 4200
OK OK OK
a. (a) and (b) correspond to the (a) and (b) stress criteria in ACI Section 18.4.2.
Limiting 
Stresses
Midspan at service load
b. For all stresses, the composite section modulus is used. The stresses are 
calculated at the top of the precast concrete section. Section shored for M d_c .
Load
Midspan at release
Limiting 
Stresses
Load
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G.3.1 SHEAR STRENGTH (MIDSPAN) 
 
Span, l 60 ft
Superimposed live load, w l 0 lb/ft
2
0 lb/ft
Superimposed live load, P l 57872 lb
Section properties:
A 288 in.
2
1218 in.
2
I 10187 in.
4
65471 in.
4
y b 6.94 in. 18.81 in.
y t 11.81 in. 6.18 in.
wt 300 lb/ft 1269 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 18.25 in. 122 in.
b w 8 in. 8 in.
Precast concrete (normalweight):
f
'
c 6629 psi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
t pt 50d b /l 0.0417
f pu 270 ksi
no. t 2
no. b 13
Aps_t 0.434 in.
2
Aps_b 2.821 in.
2
f pe_t 92.2 ksi
f pe_b 162.0 ksi
Non-composite Composite
G85 
 
 
 
 
 
Vertical and horizontal shear resistance:
Intensionally roughened
80b vhd p_b 33565 lb Reinforcement required
500b vhd p_b 216719 lb OK by ACI 17.5.1
φ s 1
λ 1
Segment x /l V d M d V a M a
kip kip-ft kip kip-ft
0 0.0000 38.1 0.0 28.9 0.0
1 0.0167 36.8 37.4 28.9 28.9
2 0.0333 35.5 73.6 28.9 57.9
t pt 0.0417 34.9 91.2 28.9 72.3
3 0.0500 34.3 108.5 28.9 86.8
4 0.0667 33.0 142.1 28.9 115.7
5 0.0833 31.7 174.5 28.9 144.7
6 0.1000 30.5 205.5 28.9 173.6
7 0.1167 29.2 235.4 28.9 202.6
8 0.1333 27.9 263.9 28.9 231.5
9 0.1500 26.6 291.2 28.9 260.4
10 0.1667 25.4 317.2 28.9 289.4
11 0.1833 24.1 341.9 28.9 318.3
12 0.2000 22.8 365.4 28.9 347.2
13 0.2167 21.6 387.6 28.9 376.2
14 0.2333 20.3 408.5 28.9 405.1
15 0.2500 19.0 428.2 28.9 434.0
16 0.2667 17.8 446.6 28.9 463.0
17 0.2833 16.5 463.7 28.9 491.9
18 0.3000 15.2 479.6 28.9 520.8
19 0.3167 14.0 494.2 28.9 549.8
20 0.3333 12.7 507.5 14.5 571.5
21 0.3500 11.4 519.6 14.5 586.0
22 0.3667 10.2 530.3 14.5 600.4
23 0.3833 8.9 539.9 14.5 614.9
24 0.4000 7.6 548.1 14.5 629.4
25 0.4167 6.3 555.1 14.5 643.8
26 0.4333 5.1 560.8 0.0 651.1
27 0.4500 3.8 565.2 0.0 651.1
28 0.4667 2.5 568.4 0.0 651.1
29 0.4833 1.3 570.3 0.0 651.1
30 0.5000 0.0 570.9 0.0 651.1
G86 
 
 
  
Segment A sh_ave /S V s V cmin + V s V cw + V s V nh
in.
2
kip kip kip kip
0 0.1283 177.0 229.4 229.4 215.3
1 0.0825 113.8 157.7 157.7 177.4
2 0.0367 50.6 85.9 85.9 139.4
tpt 0.0367 50.6 81.6 81.6 139.4
3 0.0367 50.6 82.7 82.7 139.4
4 0.0367 50.6 84.9 84.9 139.4
5 0.0367 50.6 86.9 86.9 139.4
6 0.0367 50.6 88.9 88.9 139.4
7 0.0367 50.6 90.8 90.8 139.4
8 0.0183 25.3 67.4 67.4 124.3
9 0.0092 12.6 56.5 56.5 116.7
10 0.0183 25.3 70.8 70.8 124.3
11 0.0092 12.6 59.8 59.8 116.7
12 0.0092 12.6 61.3 61.3 116.7
13 0.0183 25.3 75.3 75.3 124.3
14 0.0092 12.6 64.1 64.1 116.7
15 0.0092 12.6 65.3 65.3 116.7
16 0.0183 25.3 79.1 79.1 124.3
17 0.0092 12.6 67.6 67.6 116.7
18 0.0092 12.6 68.6 68.6 116.7
19 0.0183 25.3 82.2 82.2 124.3
20 0.0092 12.6 57.6 70.4 116.7
21 0.0 43.0 58.5 33.6
22 0.0 41.2 59.2 33.6
23 0.0 39.3 59.8 33.6
24 0.0 37.5 60.4 33.6
25 0.0 35.8 60.8 33.6
26 0.0 25.5 61.2 33.6
27 0.0 25.5 61.5 33.6
28 0.0 25.5 61.7 33.6
29 0.0 25.5 61.8 33.6
30 0.0 25.5 61.8 33.6
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Distance along span, x/l
Vertical and horizontal shear capacity
Vt/φs Vcw + Vs Vnh
0
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100
150
200
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300
350
0.0 0.1 0.2 0.3 0.4 0.5
L
o
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, k
ip
Distance along span, x/l
Concrete strength for vertical shear
Vt/φs Vci Vcw Vcmin/2 Vcw/2
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G.3.2 SHEAR STRENGTH  
(SIDE WITH PRECAST HORIZONTAL SHEAR REINFORCEMENT) 
 
Span, l 60 ft
Superimposed live load, w l 0 lb/ft
2
0 lb/ft
Superimposed live load, P l 48451 lb
Section properties:
A 288 in.
2
1218 in.
2
I 10187 in.
4
65471 in.
4
y b 6.94 in. 18.81 in.
y t 11.81 in. 6.18 in.
wt 300 lb/ft 1269 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 18.25 in. 122 in.
b w 8 in. 8 in.
Precast concrete (normalweight):
f
'
c 6629 psi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
t pt 50d b /l 0.0417
f pu 270 ksi
no. t 2
no. b 13
Aps_t 0.434 in.
2
Aps_b 2.821 in.
2
f pe_t 92.2 ksi
f pe_b 162.0 ksi
Non-composite Composite
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Vertical and horizontal shear resistance:
Intensionally roughened
80b vhd p_b 33565 lb Reinforcement required
500b vhd p_b 216719 lb OK by ACI 17.5.1
φ s 1
λ 1
Segment x /l V d M d V a M a
kip kip-ft kip kip-ft
0 0.0000 38.1 0.0 43.6 0.0
1 0.0167 36.8 37.4 43.6 43.6
2 0.0333 35.5 73.6 43.6 87.2
t pt 0.0417 34.9 91.2 43.6 109.0
3 0.0500 34.3 108.5 43.6 130.8
4 0.0667 33.0 142.1 43.6 174.4
5 0.0833 31.7 174.5 43.6 218.0
6 0.1000 30.5 205.5 43.6 261.6
7 0.1167 29.2 235.4 4.8 256.8
8 0.1333 27.9 263.9 4.8 251.9
9 0.1500 26.6 291.2 4.8 247.1
10 0.1667 25.4 317.2 4.8 242.3
11 0.1833 24.1 341.9 4.8 237.4
12 0.2000 22.8 365.4 4.8 232.6
13 0.2167 21.6 387.6 4.8 227.7
14 0.2333 20.3 408.5 4.8 222.9
15 0.2500 19.0 428.2 4.8 218.0
16 0.2667 17.8 446.6 4.8 213.2
17 0.2833 16.5 463.7 4.8 208.3
18 0.3000 15.2 479.6 4.8 203.5
19 0.3167 14.0 494.2 4.8 198.6
20 0.3333 12.7 507.5 4.8 193.8
21 0.3500 11.4 519.6 4.8 189.0
22 0.3667 10.2 530.3 4.8 184.1
23 0.3833 8.9 539.9 4.8 179.3
24 0.4000 7.6 548.1 4.8 174.4
25 0.4167 6.3 555.1 4.8 169.6
26 0.4333 5.1 560.8 4.8 164.7
27 0.4500 3.8 565.2 4.8 159.9
28 0.4667 2.5 568.4 4.8 155.0
29 0.4833 1.3 570.3 4.8 150.2
30 0.5000 0.0 570.9 4.8 145.4
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Segment A sh_ave /S V s V cmin + V s V cw + V s V nh
in.
2
kip kip kip kip
0 0.1283 177.0 229.4 229.4 215.3
1 0.0825 113.8 157.7 157.7 177.4
2 0.0367 50.6 85.9 85.9 139.4
tpt 0.0367 50.6 81.6 81.6 139.4
3 0.0367 50.6 82.7 82.7 139.4
4 0.0367 50.6 84.9 84.9 139.4
5 0.0367 50.6 86.9 86.9 139.4
6 0.0367 50.6 88.9 88.9 139.4
7 0.0367 50.6 90.8 90.8 139.4
8 0.0183 25.3 67.4 67.4 124.3
9 0.0092 12.6 56.5 56.5 116.7
10 0.0183 25.3 70.8 70.8 124.3
11 0.0092 12.6 59.8 59.8 116.7
12 0.0092 12.6 61.3 61.3 116.7
13 0.0183 25.3 75.3 75.3 124.3
14 0.0092 12.6 62.3 64.1 116.7
15 0.0092 12.6 61.4 65.3 116.7
16 0.0183 25.3 73.2 79.1 124.3
17 0.0092 12.6 59.7 67.6 116.7
18 0.0092 12.6 58.9 68.6 116.7
19 0.0183 25.3 70.7 82.2 124.3
20 0.0092 12.6 57.3 70.4 116.7
21 0.0 43.9 58.5 33.6
22 0.0 43.2 59.2 33.6
23 0.0 42.5 59.8 33.6
24 0.0 41.9 60.4 33.6
25 0.0 41.3 60.8 33.6
26 0.0 40.8 61.2 33.6
27 0.0 40.3 61.5 33.6
28 0.0 39.8 61.7 33.6
29 0.0 39.5 61.8 33.6
30 0.0 39.2 61.8 33.6
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Vt/φs Vci Vcw Vcmin/2 Vcw/2
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G.3.3 SHEAR STRENGTH  
(SIDE WITH POST-INSTALLED HORIZONTAL SHEAR REINFORCEMENT) 
 
Span, l 42 ft
Superimposed live load, w l 0 lb/ft
2
0 lb/ft
Superimposed live load, P l 64195.8333 lb
Section properties:
A 288 in.
2
1218 in.
2
I 10187 in.
4
65471 in.
4
y b 6.94 in. 18.81 in.
y t 11.81 in. 6.18 in.
wt 300 lb/ft 1269 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 18.25 in. 122 in.
b w 8 in. 8 in.
Precast concrete (normalweight):
f
'
c 6629 psi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
t pt 50d b /l 0.0595
f pu 270 ksi
no. t 2
no. b 13
Aps_t 0.434 in.
2
Aps_b 2.821 in.
2
f pe_t 92.2 ksi
f pe_b 162.0 ksi
Non-composite Composite
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Vertical and horizontal shear resistance:
Intensionally roughened
80b vhd p_b 33565 lb Reinforcement required
500b vhd p_b 216719 lb OK by ACI 17.5.1
φ s 1
λ 1
Segment x /l V d M d V a M a
kip kip-ft kip kip-ft
0 0.0000 26.6 0.0 55.0 0.0
1 0.0238 25.4 26.0 55.0 55.0
2 0.0476 24.1 50.8 55.0 110.1
t pt 0.0595 23.5 62.6 55.0 137.6
3 0.0714 22.8 74.2 55.0 165.1
4 0.0952 21.6 96.4 55.0 220.1
5 0.1190 20.3 117.4 55.0 275.1
6 0.1429 19.0 137.0 55.0 330.2
7 0.1667 17.8 155.4 9.2 321.0
8 0.1905 16.5 172.6 9.2 311.8
9 0.2143 15.2 188.4 9.2 302.6
10 0.2381 14.0 203.0 9.2 293.5
11 0.2619 12.7 216.3 9.2 284.3
12 0.2857 11.4 228.4 9.2 275.1
13 0.3095 10.2 239.2 9.2 266.0
14 0.3333 8.9 248.7 9.2 256.8
15 0.3571 7.6 256.9 9.2 247.6
16 0.3810 6.3 263.9 9.2 238.4
17 0.4048 5.1 269.6 9.2 229.3
18 0.4286 3.8 274.1 9.2 220.1
19 0.4524 2.5 277.2 9.2 210.9
20 0.4762 1.3 279.1 9.2 201.8
21 0.5000 0.0 279.8 9.2 192.6
22 0.5238 -1.3 279.1 9.2 183.4
23 0.5476 -2.5 277.2 9.2 174.2
24 0.5714 -3.8 274.1 9.2 165.1
25 0.5952 -5.1 269.6 9.2 155.9
26 0.6190 -6.3 263.9 9.2 146.7
27 0.6429 -7.6 256.9 9.2 137.6
28 0.6667 -8.9 248.7 9.2 128.4
29 0.6905 -10.2 239.2 9.2 119.2
30 0.7143 -11.4 228.4 9.2 110.1
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Segment A sh_ave /S V s V cmin + V s V cw + V s V nh
in.
2
kip kip kip kip
0 0.1283 177.0 229.4 229.4 215.3
1 0.0825 113.8 157.0 157.0 177.4
2 0.0367 50.6 84.4 84.4 139.4
tpt 0.0367 50.6 79.7 79.7 139.4
3 0.0367 50.6 80.5 80.5 139.4
4 0.0367 50.6 81.9 81.9 139.4
5 0.0367 50.6 83.3 83.3 139.4
6 0.0367 50.6 84.5 84.5 139.4
7 0.0367 50.6 85.7 85.7 139.4
8 0.0183 25.3 61.5 61.5 124.3
9 0.0092 12.6 49.9 49.9 116.7
10 0.0183 25.3 63.5 63.5 124.3
11 0.0092 12.6 51.7 51.7 116.7
12 0.0092 12.6 52.5 52.5 116.7
13 0.0183 25.3 65.8 65.8 124.3
14 0.0092 12.6 53.8 53.8 116.7
15 0.0092 12.6 54.3 54.3 116.7
16 0.0183 25.3 67.4 67.4 124.3
17 0.0092 12.6 55.1 55.1 116.7
18 0.0092 12.6 55.4 55.4 116.7
19 0.0183 25.3 68.3 68.3 124.3
20 0.0092 12.6 55.7 55.7 116.7
21 0.0 43.1 43.1 33.6
22 0.0 43.1 43.1 33.6
23 0.0 43.0 43.0 33.6
24 0.0 42.8 42.8 33.6
25 0.0 42.5 42.5 33.6
26 0.0 42.1 42.1 33.6
27 0.0 41.7 41.7 33.6
28 0.0 41.1 41.1 33.6
29 0.0 40.5 40.5 33.6
30 0.0 39.8 39.8 33.6
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G.4 COMPOSITE DEFLECTION 
 
 
Span, l 60 ft
Section properties:
A 288.4777 in.
2
1218.3806 in.
2
I 10187.3845 in.
4
65470.8546 in.
4
I cr in.
4
7341.96129 in.
4
y b 6.9483 in. 18.8152 in.
y t 11.8035 in. 6.1852 in.
S b 1466.2 in.
3
3479.7 in.
3
S t 863.1 in.
3
10585.1 in.
3
wt 300 lb/ft 1269 lb/ft
y p_t 15.75 in. 15.75 in.
y p_b 2 in. 2 in.
b 8 in. 122 in.
Superimposed live load, w l lb/ft
2
0 lb/ft
Superimposed live load, P l 27916.6667 lb
Precast concrete (normalweight):
f
'
c 7000 psi
f
'
ci 5000 psi
E c 5100 ksi
E ci 4300 ksi
Prestressing steel:
6/10 in. diameter, low-relaxation strands
Straight strands
f pu 270 ksi
no. t 2
no. b 13
Aps_t 0.434 in.
2
Aps_b 2.821 in.
2
Non-composite Composite
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Prestress force:
P i_t 0.43Aps_t f pu 50 kip
P i_b 0.75Aps_b f pu 571 kip
i L 10%
t L 20%
P o_t (1-i L)P i_t 45 kip
P o_b (1-i L)P i_b 514 kip
P e_t (1-t L)P i_t 40 kip
P e_b (1-t L)P i_b 457 kip
Moments at midspan:
M pe_t P o_te t 396 kip-in.
M pe_b P o_be b -2544 kip-in.
M d_nc wt (l )(12)/8 1623 kip-in.
M d_c (wt _c -wt _nc ) (l )(12)/8 5231 kip-in.
M l 3769 kip-in.
Stresses:
P e_t /A 139 psi
P e_b /A 1584 psi
P e_te t /S -240 psi
P e_be b /S 1542 psi
M d_nc /S -1107 psi
M d_c /S -1503 psi Composite section modulus is used
M l /S -1083 psi Composite section modulus is used
f b -668 psi
f l -1083 psi
f r -530 psi
f lcr -945 psi
Effective moment of intertia:
M cr /M a 0.873
(M cr /M a )
3
0.665
1-(M cr /M a )
3
0.335
I e 46008.8 in.
4
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Camber and deflection:
∆ pe_t -0.59 in.
∆ pe_b 3.76 in.
∆ d_nc -2.00 in.
∆ ci 1.18 in.
∆ cf 2.02 in.
∆ d_c -1.20 in.
*
-1.42 in. shored construction
∆ l -0.93 in.
∆ f -2.35 in.
*
I e  used instead of composite I due to sudden impact of flange support removal
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APPENDIX H: DESIGN CALCULATIONS FOR PHASE I TRANSVERSE TEST 
SPECIMENS 
H.1.1 FLEXURAL STRENGTH AT JOINT FOR TRANSVERSE POST-TENSIONED 
CONNECTION 
  
H100 
 
 
 
   
 
Concrete layers:
f
'
c
a b
a
t
a
1 8.505 12.000 4.000
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60 0.15 1.125
2 60
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270
13 270 0.03825 162 2.000
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
23 270
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H.1.2 FLEXURAL STRENGTH AT FLANGE BASE FOR TRANSVERSE WELDED 
CONNECTION (MODIFIED BASED ON ACTUAL REINFORCEMENT DEPTH) 
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Concrete layers:
f
'
c
a b
a
t
a
1 12.045 12.000 5.250
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60 0.15 2.500
2 60
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270
13 270
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
23 270
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APPENDIX I: DESIGN CALCULATIONS FOR PHASE II TRANSVERSE TEST 
SPECIMEN 
I.1.1 FLEXURAL STRENGTH AT JOINT FOR TRANSVERSE POST-TENSIONED 
CONNECTION 
 
I104 
 
 
 
Concrete layers:
f
'
c
a b
a
t
a
1 8.360 12.000 4.000
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60 0.15 1.125
2 60
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270
13 270 0.05425 162 2.000
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
I105 
 
 
I.1.2 FLEXURAL STRENGTH AT FLANGE BASE FOR TRANSVERSE WELDED 
CONNECTION 
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Concrete layers:
f
'
c
a b
a
t
a
1 8.000 12.000 5.500
2
3
4
5
6
7
a) Insert layers from compression face to tensile face
Steel layers:
Grade A si P e dsi
1 60 0.15 4.500
2 60 0.15 1.125
3 60
4 60
5 60
6 60
7 60
8 60
9 70
10 120
11 150
12 270
13 270
14 270
15 270
16 270
17 270
18 270
19 270
20 270
21 270
22 270
